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Abstract 

This thesis serves to contribute to the ongoing and developing research on the application of 

dynamic loads to Overhead Transmission line modelling processes. Special focus was on 

tall overhead transmission line towers. Tall transmission towers usually occur at critical 

points of a distribution line with most design currently carried out using static loading which 

is assumed to provide a conservative result. Dynamic load modelling expands the knowledge 

of the designer as to the true response of a structure under such conditions thereby enabling 

more informed design. In this thesis a literature review and background to tall transmission 

towers around the world is presented first. Secondly, the theoretical background and 

subsequent generation of spatially correlated wind time series which are applied across the 

height of the tower along with a method for calculating the allowable uplift force of a 

foundation based on vertical displacement. Thirdly, two finite element models of a Swedish 

tall transmission tower to model equivalent static and dynamic loads with the latter model 

also used to find natural frequencies and modal shapes of the tower. The main results show 

a reduction of 10% in maximum uplift force for the studied tower when modelled with 

dynamic loads that included static forces for the conductors. A theoretical reduction of up to 

18% was obtained when conductor loads were excluded and static and dynamic response of 

the tower alone studied and compared. Generally, it is demonstrated that a more complete 

understanding of the tower´s behaviour is achieved through the dynamic process enabling 

more efficient design. 

Útdráttur 

Þetta verkefni er liður í að þróa og beita hreyfðarfræðilegum aðferðum við að greina og 

hanna  háspennulínumöstur. Sérstök áhersla er á há möstur en þau eru samkvæmt 

alþjóðlegum viðmiðum annaðhvort hærri en 100 m eða tengjast  haflengdum sem eru 

lengri  1000 m.  Háspennumöstur  eru yfirleitt hönnuð á grundvelli stöðufræðilegs 

vindálags sem ætla má að veiti íhaldssama niðurstöðu. Vindálag er hins vegar í eðli sínu 

síbreytilegt í tíma og rúmi og með því að beita hreyfðarfræðilegum aðferðum má því öðlast 

betri skilning á raunverulegri svörun háspennumastra. Í verkefninu er fyrst fjallað almennt 

um tæknilegan bakgrunnu hárra háspennulína. Skoðað er hvernig togkraftur í undirstöðum 

masturs sem hvílir í lausum jarðvegi getur valdið tjóni á mannvirkinu ef færslur fara yfir 

tiltekin mörk. Þar á eftir er fjallað um fræðilegan bakgrunn vinds í verkfræðilegum 

reiknilíkönum. Lýst er aðferðum sem nota má til að herma tölfræðilega háðar 

vindtímaraðir sem breytast með hæð yfir yfirborði.  Búin voru til tvö reiknilíkön sem 

byggja á einingaaðferðinni til að reikna svörun í háu sænsku háspennumastri. Annað 

líkanið var stöðufræðilegt en hitt var hreyfðarfræðilegt. Niðurstöður sýndu 10-18% lækkun 

á hámarks togkrafti í undirstöðum háspennumastursins þegar það var greint með 

hreyfðarfræðilega líkaninu samanborið við það sem stöðufræðilega líkanið gaf. Hér skiptir 

máli hvernig hliðarálag á sjálfar háspennulínurnar er meðhöndlað. Betri skilningur fæst á 

svörun  háspennumastra ef hreyfðarfræðilegum aðferðum er beitt fremur en stöðufræði-

legum aðferðum. Líklegt verður að telja að hönnun sem byggir á slíkri greiningu sé 

almennt hagkvæmari og betur grunduð.   
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1 Introduction 

1.1 Background 

Overhead Transmission Lines (OHTL´s) make up a critical part of national infrastructures 

across the globe, providing a safe and efficient way of delivering power to consumers. With an 

ever growing demand for power and for that power to be transmitted across larger and larger 

distances to access often remote towns and factories, the design requirements for transmission 

lines have become increasingly challenging. Their design, manufacture, construction and 

maintenance are all elements that require careful analysis by teams of engineering and 

construction experts.  

The structural integrity of such lines is crucial in the prevention of power supply failure. Such 

failures have potentially huge impacts on society, with both private citizens and commercial 

operations affected, potentially leading to large economic consequences and huge disruption in 

day to day life. In spite of this, structural failure of these lines does occur on a relatively regular 

basis. It is often the case that storm conditions or periods of heavy ice accumulation in colder 

climates result in the largest forces imparted on the line. Storm caused failures in America are 

estimated to cost utility companies and consumers in the order of $270 million and $2.5 billion 

annually (Peters et al., n.d.). 

Tall transmission towers are becoming an increasingly popular way to solve difficult routing 

problems. Compared to lower towers they are though more exposed to wind loads and with the 

potential for wind load induced damage proving of them very expensive and time consuming 

to rectify. Despite the importance of extreme wind loads, the OHTL industry does not currently 

model these loads with a dynamic effect during the design process, rather assumptions are made 

that the wind pressure can be calculated to a given profile and applied as a static load with no 

variation with respect to time. It is therefore often the case that large safety factors are applied 

to mitigate uncertainty. Modelling these loads dynamically as a function of time should provide 

a more realistic simulation of the wind behaviour and could reduce the need for such large 

safety factors, therefore reducing cost greatly. This thesis will analyse this problem with a view 

to a better understanding of the issue.  

 

1.2 Main Objectives 

The main objective of this study is to provide a better understanding of the dynamic modelling 

of tall OHTL towers that are subjected to a dynamic wind load and to compare the computed 

response of such model to results from computational model based on static analysis and loads. 

For this study, a generic 107 m high tower was modelled based on a Swedish design for a fjord 

crossing. It was based on real technical drawings that were available to the author.  The main 

focus was on studying reaction forces at foundation level. Fluctuating wind loads were 

modelled with a simulated stochastic time dependent velocity field where the wind speed 
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velocity, 𝑉, at a given space point depends on the coordinate of the point with respect to time, 

that is 𝑉 = 𝑣(𝑥, 𝑦, 𝑧, 𝑡). 

1.3 Outline 

This thesis is divided into four main sections: Chapter 2 which is an introduction with an 

overview of previous research and relevant literature presented regarding the problems involved 

and their applications to large overhead transmission lines; Chapter 3 that details theoretical 

concepts used in the modelling and calculation process; Chapter 4 giving a description of two 

finite element models of the selected tower, one under static loading and one under dynamic 

loading, along with associated theoretical background and methodologies; Chapter 5 which 

provides analysis and comparison of the two models´ foundation loads with conclusions and 

future research possibilities. The main focus of the work will be on the finite element models 

and development of appropriate methodologies and loads for the dynamic model. 

The purpose of producing two finite element models was to allow multiple load cases to be 

easily calculated under static loading conditions along with verification of the dynamically 

loaded model. The models were constructed in two different programmes: the first model was 

made in the industry specific FEM software PLS-TOWER (Powline.com, 2017) which is an 

industry specific piece of software that can automatically calculate wind loads for most 

international OHTL design standards but is limited to static loading analysis only; the second 

model was constructed in the widely used SAP2000 programme (Csiamerica.com, 2017) which 

although incapable of automatically calculating static wind loading to European design 

standards, can be used for dynamic loading analysis. 

Therefore, the ten tower load cases were calculated in the industry standard software PLS-

CADD as defined by CENELEC EN 50431-1-2012 in order to find the most critical load case. 

This load case was isolated and manually calculated using the procedures described and applied 

as a static load to the SAP2000 model. This process not only reduced the workload required in 

SAP2000 calculations, but also acted as a verification check for both models. Once the models 

have been accepted, the PLS-CADD model was set aside and dynamic loads were developed 

and applied to the SAP2000 model. 

Following this process produced models that were accurate, reliable and enabled foundation 

loads from SAP2000 static and dynamic modelling to be compared.  
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2 Overhead Transmission lines 

2.1 Transmission Line Components 

The design of transmission lines is a complicated process requiring expert knowledge from 

many engineering fields. Depending on the requirements of the project, such as the purpose of 

the project or the electrical capacity, the structural solution of the tower can take differing forms 

as shown in Figure 2.1 to Figure 2.3. Typically, low voltage lines up to 132 kV which require 

relatively small clearance distances for electrical fields can utilise traditional wooden pole 

towers, whilst high voltage lines (500 kV) employ taller, stronger steel lattice structures capable 

of supporting large conductor spans.  

 
Figure 2.1: Typical lattice 

transmission tower 

(Murgesi.com, 2017) 

 
Figure 2.2: Typical wooden 

pole transmission tower 

(C03.apogee.net, 2017) 

 
Figure 2.3: Typical steel pole 

transmission tower (Valmont.com, 
2017) 

For most designs, the line can be broken down into three main components as shown in Figure 

2.4: conductors and ground wires; transmission towers; foundations. When failure occurs, the 

primary source is the superstructure of supporting towers when steel members buckle under the 

high force induced by extreme loading events. Studies have been carried out into the effects of 

static and dynamic wind loads on steel superstructures under such conditions. Another 

important failure mode is when foundations begin to move, or displace, in the ground before 

the supported structure reaches its design capacity.  

This effect shall be discussed further in chapter 2.6, but to understand the various failure modes, 

it is first important to explain the three main components of a transmission line (Figure 2.4): 

1. Conductors and Ground wires – The conductor is usually an aluminium steel reinforced 

cable that is used to carry the electrical current over large distances. The ground wire 

acts as an earthing point in the case of direct lightning strikes. The main design 

considerations are the distance over which they span, the voltage they are required to 

take and the clearance from the ground and within the tower (sag). 

2. Towers – Towers are the superstructures to which the conductors are attached via 

insulators. They vary from country to country but are typically truss lattice structures 
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constructed from steel. The complexity of the design usually depends on the size of the 

tower and its surrounding terrain conditions. 

3. Foundations – Foundations usually made with concrete of some geometric 

configuration anchor the legs of the tower to the earth. They are often a challenging 

aspect of the design as OHTL lines usually cover large distances measured in tens of 

kilometres meaning ground conditions can vary greatly. Foundations are designed for 

standard failure types although it is common that the uplift force caused by uneven 

loading on the tower from extreme load cases such as high winds acting transversely to 

the tower can be a deciding design factor. 

Failure of one or more of these components could result in power supply losses that last for 

considerable periods of time while repairs are carried out. 

 

 

Figure 2.4: Main component of an Overhead Transmission line 

 

2.2 Large Overhead Line Crossings 

Within the OHTL field, an increasingly common problem is to design networks that are capable 

of crossing large distances and often passing through difficult terrain. Aside from the structural 

engineering challenges in designing a line such as this, the cost implications of covering such 

large distances are significant. Finding an optimal route that covers the shortest distance whilst 

also taking account of terrain conditions is therefore of vital importance to any line. A typical 
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example of a way to reduce the total length of a route is to cross a river at points near the river 

estuary rather than route the line down to a narrower crossing point. Historically large overhead 

crossings have been very difficult to design and construct due to restraints in calculation and 

modelling techniques as well as the technology of the material available. Modern day software 

packages and steel materials have however opened up the possibilities to construct structures 

that are capable of fulfilling the challenges of a river crossing (or similar) more efficiently. 

According to the International Council on Large Electric Systems (Cigré) a large overhead 

crossing is defined as having a span (𝐿) greater than 1000 m and/or having a tower height (𝐻) 

of greater than 100 m (Cigré, 2009) as demonstrated in Figure 2.5. There is no consideration to 

the voltage of the line in this definition. Table 2-1 shows a list of the longest spans whilst Table 

2-2 shows a list of the tallest towers. 

 

 

Figure 2.5: Graphical representation of Large OHTL 

According to this definition and a data collection performed by Cigré, there were 243 large 

crossing in 38 countries in 2009.  
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Table 2-1: List of longest spans (Cigré, 2009) 

 

Table 2-2: List of tallest towers (Cigré, 2009) 
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Figure 2.6: The Jiangyin Yangtze River Crossing which has a peak tower height of 346.5 m 

(Power Engineering International, PenWell) 

To span a river requires very high support towers on either bank so that the conductor sag, 

which follows a catenary curve, is still able to provide enough clearance for shipping to pass 

underneath. Crossings such as these exist around the world but there is currently no general 

guidance on how to design to these conditions. This causes difficulties for designers on each 

and every project as they attempt to solve problems that may have been experienced previously 

on another project. Therefore, the development of design standards to cover this growing area 

of OHTL design is important for reducing design time and to provide standardised methods.  

 

2.3 Current design loading practice 

The current load types considered in standard design are assumed as static, as in the case of ice 

loading, or quasi-static as in the case of idealised wind loading. These static loads are 

considered to be almost instantaneous in their nature with dynamic or repeated effect ignored. 

This design approach has been acceptable as it is generally agreed that it leads to a more 

conservative result and can be manipulated with the use of larger safety factors if required 

(Cigré, 2009). However, when studying standard load cases such as “high wind” or sudden 

“conductor failure”, there is an element of shock load to the system and it seems preferable to 

carry out a dynamic analysis to predict the effects of this event. These load cases are important 

in all transmission lines but have particular significance when large structures and spans are 

present such as river crossings. 

Current design codes do not require a further dynamic analysis due to the relatively recent 

ability to model dynamically using ever advancing software packages. The codes have therefore 

not yet been updated to cover this emerging area and studies in this field are not yet conclusive. 

Standard industry software such as PLS-CADD can be used to model material and geometric 
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non-linear analysis but does not offer the possibility to take into account for dynamic response 

from effects such as earthquakes or wind loads. Instead, this is done by considering all acting 

dynamic loads as equivalent static loads and then applying this load directly onto the tower. For 

example, in the case of a cable rupture, which is a standard load case condition, the load will 

be applied in the longitudinal direction of the line with a magnitude equal to the residual static 

load subsequent to the failure at the relevant conductor attachment point. In the case of 

conductor cables, this is usually taken as between 80-85% of the Every Day Stress, EDS, 

condition (Kaminski Jr et al., 2014).  

A number of studies have been carried out comparing standard size tower loadings statically 

and dynamically (Fei et al.; 2012; Battista, Rodrigues and Pfeil, 2003; Fadel Miguel et al., 

2015). When the aim is to compare the two methods for determining final state forces and 

displacements in main steel member after a dynamic loading event, the conclusion tends to be 

that the two modelling techniques produce very comparable results. However, when looking at 

the modelling method of the foundation boundary conditions, there is evidence to suggest that 

rigid foundations will produce different results to flexible foundations under dynamic analysis 

(Cigré, 2002). Furthermore, the difference may occur in different directions between models. 

That is to say, the highest vertical reaction may occur for a rigid foundation, whilst the highest 

longitudinal/transverse reactions may occur in a foundation that allows some flexibility (Cigré, 

2009). Given that ground conditions are not always known with certainty, it becomes important 

to carry out a dynamic analysis for different foundation conditions for high towers to gain a full 

understanding.  

This thesis shall present results for foundation reactions in all directions with the focus being 

on analysing uplift force under statically and dynamically loaded models when exposed to 

extreme weather situations. Foundations was assumed to be rigid with a uniform settlement 

profile.  

 

2.4 Dynamic loading 

Traditional analysis of OHTL´s performed using static loading models are often validated by 

the common industry practice of performing full scale tower tests as part of the structural 

qualification process in order to back up the statically loaded model. In fact, some standards 

differentiate between tested and non-tested towers when providing recommendations for 

methodical approaches to take. Fairly obviously, carrying out full scale tower tests is a time 

consuming and costly process, especially for tall towers, so making a decision to do so must be 

based on quality engineering information. Currently, there is no common source for this 

information. There is therefore an argument to approach the design problem differently.  

In reality, transmission lines are subject to loads with dynamic characteristics such as 

fluctuating wind velocities or earthquakes. If a method can be developed to model a design 

using dynamic loads accurately then this may negate some of the uncertainty in the traditional 

statically loaded model and hence reduce the requirement for full scale testing.  

The static loading calculation process includes factors for the effect of a fluctuating wind 

profile, but follows an empirical approach and therefore is not specific to individual design 
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situations. With tall transmission towers being relatively rare, unique and expensive in nature 

it is tempting for the engineer to apply additional safety in the statically loaded design given 

that it is unlikely full scale testing is a possibility for tall towers. If the tower can be modelled 

with more confidence using realistic dynamic wind profiles this reduces the need to build in 

additional safety to cover the uncertainty. 

Although it would be a difficult and time consuming process to incorporate dynamic loading 

into every OHTL line with the current software available, for special cases such as tall towers 

the additional effort could prove economical in the long term. 

Previous research into the effects of foundation movement on transmission line stability has led 

to interesting conclusions about how which methods are best employed for assessing the 

acceptability of a given design. This thesis will suggest a method using reliability based design 

that can be used to develop acceptance parameters for a given design in a given situation with 

predefined movement limits. By providing a quantifiable parameter it should therefore be 

possible to establish with relative ease whether a design is adequate for further more detailed 

analysis using design codes. 

 

2.5 OHTL foundations 

Foundations for towers may take the form of single foundations or separate footings for each 

leg. 

The loading on single footings is predominantly in the form of an overturning moment, which 

is usually resisted by lateral soil pressure, together with additional shear and vertical forces 

resisted by upwards soil pressure. Common types of OHTL foundations are: monoblock 

footings; pad or raft footings; grillage footings; caisson or pier foundations; pad and chimney; 

driven piles; grillage foundations and single pile or pile group foundations. Figure 2.7 to Figure 

2.9 show concept drawings of three of these types of foundation. When separate footings are 

provided for each leg the predominant loadings are vertical downward and uplift forces. Uplift 

is usually resisted by dead weight of the foundation bulk, earth surcharges and/or shear forces 

in the soil. This also applies to guy foundations. Compression loads are countered by the soil 

resistance. 
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Figure 2.7: Example of pad 

and chimney foundation for 

OHTLs (Cigre, 1994)  

 
Figure 2.8: Example of metallic 

driven pile (left) and grouted 

driven pile (right) foundations for 

OHTLs (Cigre, 1994) 

 
Figure 2.9: Example of group pile 

foundation for OHTLs (Cigre, 

1994) 

Although it is uncommon for tower foundations to fail before the superstructure, there have 

been documented cases of such tower failures due to excessive uplift forces from the 

superstructure such as in 110 kV lines in northern Germany (Kiessling, Nefzger and Ruhnau, 

1986) and in Iceland a few towers in the Burfellslina 2 and Burfellslina 3 lines experienced 

foundation failure in the South Iceland earthquakes of 2000 (Skúlason et al., 2001). 

However, the case for studying foundation failure is not necessarily due to examples of past 

failures, but more how foundation movements may have a detrimental effect on the capacity of 

the main tower body they support. That is to say, what level of foundation tolerance is 

acceptable in order to maintain the structural integrity of the supported tower. 

It has been shown through foundation testing that current models used to calculate foundation 

displacement are on the conservative side (Cigré, 2009). In reality, tower members experience 

a smaller axial force than models predict when foundations are subjected to a given 

displacement. The accuracy can be improved with the use of more analytical models (Cigré, 

2009) but these methods are not generally followed by engineers in the industry today. 

 

2.6 Interaction between towers and 

foundations 

It is not common practice for transmission line structures to be designed with reference to 

allowable foundation movements and their subsequent effect on the performance of the 

structure. The displacement is generally governed by the maximum uplift force on the 

foundation but is very dependent on exact ground conditions. However, there is a general 

understanding of this issue within the industry and preliminary studies have been carried out in 

order to understand the importance of taking foundation displacements into consideration 

(Cigré, 2009).  
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Foundation capacities has been classified into three primary groups (Cigré, 2008): (i) elastic 

limit load, (ii) working limit load and (iii) ultimate limit load. The elastic limit load is defined 

as the load under which the foundation experiences very little or insignificant displacement. 

The working limit load, or “Damage Load” is defined as the load under which the foundation 

experiences 10 mm displacement. The ultimate limit load is defined as the final pull out capacity 

of the foundation. However, when exposed to ultimate limit loads, foundations experience 

displacements that are too large for their supported structure to sustain, hence compromising its 

structural integrity. 

Previous analysis of the interaction between tower bodies and their foundations has shown that 

by taking bolt slippage in the steel structure into account using non-linear analysis, a much 

better representation of the member forces in relation to foundation displacement is achieved 

when compared to experimental results. This analysis results in lower member forces for a 

given displacement and therefore it can be said that member design is currently on the 

conservative side due to this effect not currently being taken into account. Foundation failure 

will always cause rupture of the tower, which leads to uncontained damage and high repair 

costs. Foundations are therefore designed to have a higher strength than the main tower body.  

Failure mechanisms for foundations can take many forms, however, current industry design 

around the world limits foundation displacement to 25 mm for vertical direction plastic 

displacements (uplift) and 10 mm for horizontal displacements (Cigré, 2009). Figure 2.10 

shows a capacity estimation model based on displacement that has been calibrated through 

comparison with test results. It can be difficult to estimate this displacement however as 

foundation capacity is principally governed by the strength of the soil in which it is placed along 

with how effectively the strength of this soil is utilised. 

 

Figure 2.10: Foundation movements versus Foundation capacity (Cigré, 2009) 
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2.7 Standards 

The main European standard governing the mechanical and electrical design of overhead 

transmission lines is published by CENELEC entitled EN 50341-1:2012 Overhead Electrical 

Lines Exceeding AC 1 kV – Part 1: General Requirements – Common Specifications. This 

standard is the governing document in a suite of standards and national annexes written 

specifically for transmission line design.  

The standard is primarily built upon relevant Eurocodes, ISO standards and other relevant 

European and International standards. A full list of these can be found in clause 2.1 of EN 

50341-1:2012. These standards are referenced at relevant points throughout EN 50341-1:2012 

with deviations stated along with informative Annexes at the end.  

For the purposes of this thesis study, EN 50341-1:2012 was followed for the static loading 

calculations as it is the governing standard for this field of study in Europe. Where other 

methods or theoretical analysis are employed this shall be made clear at the time. 
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3 Theory 

The following chapter presents relevant theoretical concepts for the problems posed in this 

thesis as well as calculation methods for solving said problems. Background information and 

assumptions shall also be clearly stated. 

 

3.1 Foundation Capacity 

This chapter will set out an empirical method for calculating foundation capacity for a given 

allowable displacement value in the vertical direction, that is maximum displacement allowed 

due to the effect of uplift. Uplift is a common force experienced by OHTL foundations due to 

the bending of the structure when loading is applied to one side only, such as wind. Given the 

exposed nature of these structures, it is often the case that uplift is the determining force on 

foundation design, although it can be difficult to account for due to variable or unknown ground 

parameters.  

The following method attempts to estimate a displacement figure for OHTL foundations 

exposed to uplift force and can be used by designers as an acceptance parameter for a foundation 

before carrying out further analysis for the effects of shear, compression capacity, punching etc. 

 

3.1.1 Ultimate Uplift capacity 

When analysing the ultimate limit state, the undrained condition the uplift capacity of a spread 

foundation governs. and is given by (Kulhawy, Phoon and Grigoriu, 1995) as 

 𝑄𝑢 = 𝑄𝑠𝑢 + 𝑄𝑡𝑢 + 𝑊 (3.1) 

where 𝑄𝑢 is the uplift capacity, 𝑄𝑠𝑢 is the side resistance, 𝑄𝑡𝑢 is the tip resistance, and 𝑊 is the 

weight of foundation and enclosed soil as shown schematically in Figure 3.1. 
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Figure 3.1: Schematic of pad and chimney foundation for uplift capacity 

𝑄𝑠𝑢 can be calculated as 

 
𝑄𝑠𝑢 = 2(𝐵 + 𝐿)∫ 𝜎𝑣(𝑧)𝐾(𝑧)𝑡𝑎𝑛�̅�(𝑧)𝑑𝑧

𝐷1

0

 (3.2) 

where 𝐵 is the foundation width, 𝐿 is the foundation length, 𝐷1 is the foundation depth, 𝜎𝑣 is 

the vertical effective stress, 𝐾 is the operative horizontal stress coefficient, �̅� is the effective 

stress friction angle, and 𝑧 is the depth. The tip resistance, 𝑄𝑡𝑢, can be calculated as 

 𝑄𝑡𝑢 = (−Δ𝑢 − 𝑢𝑖)𝐴𝑡𝑖𝑝 (3.3) 

where Δ𝑢 is the change in pore water stress caused by undrained loading, 𝑢𝑖 is the initial pore 

water stress at the foundation tip or base and 𝐴𝑡𝑖𝑝 is the tip or base area. A single equation for 

the performance function, 𝑃, of the foundation can then be formed in the ultimate limit state as 

 𝑃 = 𝑄𝑢 − 𝐹 (3.4) 

where  𝐹 is the foundation reaction determined from the external loads. The three possible 

outcomes of this equation, 𝑃 = 0, 𝑃 < 0 and 𝑃 > 0 allow a quantifiable analysis of the 

foundation performance. 

Kulhawy, Phoon and Grigoriu, (1995) developed the following simple hyperbolic model for 

the relation between Uplift load 𝐹, Uplift Capacity 𝑄𝑢, and vertical displacement 𝑦 

 𝐹

𝑄𝑢
=

𝑦

(𝑎 + 𝑏𝑦)
 

 

(3.5) 
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where 𝑎 and 𝑏 are curve-fitted parameters. Equation (3.5) is based on the idea of normalising 

load-displacement curves in order to obtain a single representative curve for design purposes.  

This was done using trial and error analysis of available load-displacement data. Values for 𝑎 

and 𝑏 are determined from test data using the displacement at 50 percent of the failure load, 

𝑦50, and the displacement at failure, 𝑦𝑓, to give 

 0.5 =
𝑦50

(𝑎 + 𝑏𝑦50)
 (3.6) 

And: 

 1.0 =
𝑦𝑓

(𝑎 + 𝑏𝑦𝑓)
 (3.7) 

 

Which can be solved simultaneously to give 

 𝑎 =
𝑦50𝑦𝑓

(𝑦𝑓 − 𝑦50)
 (3.8) 

and 

 
𝑏 =

𝑦𝑓 − 2𝑦50

(𝑦𝑓 − 𝑦50)
 (3.9) 

3.1.2 Allowable uplift capacity 

The serviceability limit state is defined as that in which the undrained uplift displacement is 

equal to the allowable limit imposed by the structure (Kulhawy, Phoon and Grigoriu, 1995). A 

performance function analogous to equation (3.4) for the ultimate limit state is given by 

 𝑃 = 𝑄𝑢𝑎 − 𝐹 (3.10) 

where 𝑄𝑢𝑎 is the allowable uplift capacity based on a given displacement limit, 𝑦𝑎, and given 

by: 

 
𝑄𝑢𝑎 =

𝑄𝑢𝑦𝑎

(𝑎 + 𝑏𝑦𝑎)
 (3.11) 

The three possible outcomes of equation (3.10), again analogous to equation (3.4), represent 

the definition of the serviceability limit state if 𝑃 = 0, an unsatisfactory foundation if 𝑃 < 0 

and a satisfactory foundation if 𝑃 > 0. 

Given that exact ground conditions are often not well defined, a nominal strength that uses 

conservative estimates of the material properties can be adopted. An equation analogous to 

equation (3.11) for the nominal allowable uplift capacity, 𝑄𝑢𝑎𝑛 is then 

 
𝑄𝑢𝑎𝑛 =

𝑄𝑢𝑛𝑦𝑎

(𝑚𝑎 + 𝑚𝑏𝑦𝑎)
 (3.12) 
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where 𝑚𝑎 and 𝑚𝑏 are the mean values of 𝑎 and 𝑏 respectively and 𝑄𝑢𝑛 is given by 

 𝑄𝑢𝑛 = 𝑄𝑠𝑢𝑛 + 𝑄𝑡𝑢𝑛 + 𝑊 (3.13) 

Where nominal side resistance is determined as 

 𝑄𝑠𝑢𝑛 = 2(𝐵 + 𝐿) ∙ 𝐷1 ∙ 𝑚𝐾 ∙ 𝜎𝑣𝑚 ∙ 𝑡𝑎𝑛 ∙ 𝑚�̅� (3.14) 

where 𝐵 is the foundation width, 𝐿 is the foundation length, 𝐷1 is the foundation depth, 𝜎𝑣𝑚 is 

the average vertical effective stress, and �̅� is the effective stress friction angle. The nominal tip 

resistance, 𝑄𝑡𝑢𝑛, can be calculated as: 

 𝑄𝑡𝑢𝑛 = (𝑊 𝐴𝑡𝑖𝑝 − 𝑢𝑖⁄ )𝐴𝑡𝑖𝑝 (3.15) 

According to (Kulhawy, Phoon and Grigoriu, 1995) for spread foundations under uplift loading, 

the two constants 𝑚𝑎 and 𝑚𝑏 in equation (3.12) are 7.13 and 0.75 respectively and where 𝑦𝑎 is 

defined in mm, the overall expression for 𝑄𝑢𝑎𝑛 is given as: 

 
𝑄𝑢𝑎𝑛 =

𝑄𝑢𝑛𝑦𝑎

(7.13 + 0.75𝑦𝑎)
 (3.16) 

This equation can now be used to check whether the results of foundation uplift analysis are 

acceptable once the displacement limit has been taken onto account. Figure 3.2 shows the 

relationship between the load and displacement based on equation (3.16). 

 

Figure 3.2: Load-displacement curves for spread foundation in uplift (Kulhawy, Phoon and 

Grigoriu, 1995) 

 

3.1.3 Design actions 

The basic design formula for any component of the structure or line considered is given as 

 𝐸𝑑 ≤ 𝑅𝑑 (3.17) 
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where 𝐸𝑑 is the design force and 𝑅𝑑 is the design resistance. According to EN 50341-1-2012, 

the calculation process for 𝐸𝑑 when considering permanent and variable actions as is the case 

in this thesis is 

 𝐸𝑑 = 𝑓 {∑𝛾𝐺𝐺𝑘, 𝛾𝑄1𝑄1𝑘} 
(3.18) 

where 𝛾𝐺 is the partial factor for permanent action, 𝐺𝑘 is the characteristic value of a permanent 

action, 𝛾𝑄1 is the partial factor for the dominant variable action and 𝑄1𝑘 is the characteristic 

value for the dominant variable action. The value for 𝛾𝐺 was taken as 1.0. The combination 

𝛾𝑄1𝑄1𝑘 represents the design value for the most dominant variable action, which in this case is 

“high wind” or “wind and ice”. Therefore, there were two design equations produced for the 

ultimate limit state 

 For wind and Ice:   𝐸𝑑 = 𝛾𝐺𝐺𝑘 + 𝛾𝐼𝑄1𝑘 + 𝛾𝑤𝑄1𝑘 

 

(3.19) 

 For High wind:   𝐸𝑑 = 𝛾𝐺𝐺𝑘 + 𝛾𝑊𝑄1𝑘 (3.20) 

The values for 𝛾𝐼 and 𝛾𝑊 are based on the reliability level of the design, in this case level 1, and 

were therefore both equal to 1.0. 

 

3.1.4 Return period 

The return period to be used for statistical calculations is determined by the reliability level of 

the line in question. EN 50341-1:2012 section 3.2.2 has levels 1, 2 and 3 of reliability based on 

return periods for climatic conditions of 50, 150 and 500 years respectively. The standard states 

that overhead line supports should be classified as structures within consequence class 1 

according to Eurocodes 1, 2, 3, 5, 7 and 8 and that each of the reliability levels should be 

considered sub-classes of this consequence class (although deviations are permitted).  

Given that it is difficult to obtain absolute reliability of overhead lines, reliability level 1 should 

be used as a reference level for calculations and should be sufficient for public safety purposes. 

If required, further analysis may be undertaken using reliability levels of 2 and 3. Particularly 

important lines are often classified as level 3. 

Based on this, the reliability level 1 and return period of 50 years was used in this thesis. 

 

3.2 Equations of motion 

In static analysis equilibrium is required for external and reaction forces. In a similar way to 

static analysis, the dynamic analysis of the structure incorporates inertia forces and energy 

dissipation forces are additionally incorporated in such a way that dynamic equilibrium is 

achieved. The mass of the structure is equally divided and distributed at the model joints as is 

the case in the statically loaded model. However, in order to describe the response of a structure 

to dynamic loading it is necessary to form equations of motion for an idealised system. This 
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chapter shall first briefly describe a single degree of freedom system (SDOF). Then, in order to 

describe the tower structure in this thesis, a multi degree of freedom system (MDOF) shall be 

examined in further detail. 

 

3.2.1 SDOF system 

A single degree of freedom system is a system composed of a single object allowed to move in 

a single direction and restrained in all others. Figure 3.3 shows a schematic figure of such a 

system. 

 

Figure 3.3: Schematic of a SDOF system 

The general equation for the dynamic response 𝑢(𝑡) of a linear system with a single degree of 

freedom is given by the second order differential equation 

 𝑚�̈� + 𝑐�̇� + 𝑘𝑢 = 𝐹(𝑡) (3.21) 

where �̈�, �̇� and 𝑢 represent acceleration, velocity and displacement when differentiated with 

respect to time 𝑡. The physical system parameters are mass 𝑚, viscous damping coefficent 𝑐 

and stiffness 𝑘. 𝐹(𝑡) is the load history as shown in Figure 3.3. 

In order to solve this equation, the initial displacement and velocity conditions are required. By 

defining the natural angular frequency 𝜔0 and damping ratio 𝜁 as 

𝜔0 = √
𝑘

𝑚
          (3.22)         and         𝜁 =

𝑐

2√𝑘𝑚
         (3.23) 

and the normalised load 𝑓(𝑡) = 𝐹(𝑡) 𝑚⁄  equation (3.21) can be written as: 

 �̈� + 2𝜁𝜔0�̇� + 𝜔0
2𝑢 = 𝑓(𝑡) (3.24) 

The time taken to complete one cycle of the system is given by the natural period 𝑇: 

u(t) 
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𝑇 =

2𝜋

𝜔0
 (3.25) 

 

Harmonic excitation 

When loads that are of a fluctuating nature, such as winds, are applied to a structure, then there 

is a possibility that if the frequency of the load that is applied is close to the natural frequency 

of the structure, excessive vibration of the structure can occur and a phenomena known as 

resonance causing large displacements. When the external force is sinusoidal in nature over a 

single frequency then the resulting excitation is said to be harmonic. 

For a SDOF system exposed to forced vibrations the equation of motion is given by (Clough 

and Penzien, 1975): 

 
�̈� + 2𝜁𝜔0�̇� + 𝜔0

2𝑢 = 𝑓0𝑠𝑖𝑛(𝜔𝑡) 
(3.26) 

To find solutions to this equation, the displacement 𝑢 is expressed in the form 

 𝑢 = 𝑅𝑒[𝑋0𝑒
𝑖𝜔𝑡] (3.27) 

which can be rewritten using the complex exponential for the load: 

 
𝑓0𝑐𝑜𝑠(𝜔𝑡) = 𝑅𝑒[𝑓0𝑒

𝑖𝜔𝑡] 
(3.28) 

Equations (3.27) and (3.28) can then be substituted in equation (3.26) to give 

 
(−𝜔2 + 2𝑖𝜁𝜔0𝜔 + 𝜔0

2)𝑋0𝑒
𝑖𝜔𝑡 = 𝑓0𝑒

𝑖𝜔𝑡 
(3.29) 

where 𝑋0 is the complex amplitude given by 𝑋0 = 𝐴0𝑒
−𝑖𝜃 with the 𝐴0 giving the real amplitude 

and 𝜃 the phase angle. The frequency response function is then given by the solution for the 

complex amplitude: 

 
𝑋0 = 𝐻(𝜔)𝑓0 =

𝑓0
𝜔0

2 − 𝜔2 + 2𝑖𝜁𝜔0𝜔
 (3.30) 

The response amplitude per unit force 𝐴 is by the absolute value of 𝐻(𝜔) 
 

𝐴 = |𝐻(𝜔)| =
1

√(𝜔0
2 − 𝜔2)2 + (2𝑖𝜁𝜔0𝜔)2

 (3.31) 

with 𝜃 as: 

 
𝜃 = −𝐴𝑟𝑔[𝐻(𝜔)] ⇒ 𝑡𝑎𝑛𝜃 =

2𝜁𝜔0𝜔

𝜔0
2 − 𝜔2

 (3.32) 

The resulting dynamic amplification factors based on varying damping ratios are shown in 

Figure 3.4. 
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Figure 3.4: Dynamic amplification for given damping ratios (Steelconstruction.info, 2016) 

It can be seen from Figure 3.4 that if the frequency ratio, that is the ratio of the applied load 

frequency to the natural frequency of the structure, is equal to 1 and there is no, or very little, 

damping in the system then the amplification will be very large and eventually tend to infinity. 

When the frequency ratio is less than 1 then the system is governed by the stiffness of the 

system, and with ratios greater than 1 then the inertia term governs. OHTL towers typically 

have a damping ratio of around 2% (Tian and Zeng, 2016). 

 

Arbitrarily time-varying forces 

Dynamic loading conditions do not deliver loading in a uniform pattern as with static loading. 

A structural system loaded under such conditions experiences loading effects greater than those 

under equivalent static loads due to the shock nature of the loading on the system due to impulse 

and momentum, an effect that can be described as pulse loads. The following chapter is 

developed using lecture notes from Structural Analysis 2 by Bjarni Bessason (Bessason, 2010)  

Considering the response of a SDOF system given by equation (3.21) exposed to a pulse starting 

at t = 0 and ending at t = t1 (Figure 3.5), when t ≤ 𝑡1, there is a transient solution to the 

homogenous equation: 

 𝑢1(𝑡) = 𝑒−𝜉𝜔0𝑡(𝐶1𝑠𝑖𝑛(𝜔0𝑡) + 𝐶1𝑐𝑜𝑠(𝜔0𝑡)) (3.33) 
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Figure 3.5: Pulse load from 𝑡 = 0 to 𝑡 = 𝑡1 

The steady state solution of the non-homogenous differential equation is given by: 

 
𝑢2(𝑡) =

𝐹0

𝑘
 (3.34) 

Using the rule of superposition for linear equations, the solutions can be summed for t ≤ 𝑡1:  

 
𝑢(𝑡) = 𝑢1(𝑡) + 𝑢2(𝑡) = 𝑒−𝜉𝜔0𝑡(𝐶1𝑠𝑖𝑛(𝜔0𝑡) + 𝐶1𝑐𝑜𝑠(𝜔0𝑡)) +

𝐹0

𝑘
 (3.35) 

The initial displacement, 𝑢0, and the initial velocity, �̇�0, are known, therefore the coefficients 

𝐶1 and 𝐶2 can be calculated. So for 𝑡 = 0 (𝑡0) 

 
𝑢0 =

𝐹0

𝑘
+ 𝐶2 (3.36) 

and: 

 
�̇�0 = 𝜔𝑑𝐶1 + 𝜔0𝐶2 

(3.37) 

The solution of equations (3.36) and (3.37) can now be used to write equation (3.38) which is 

valid over the interval t = 0 to t = t1: 

 
𝑢(𝑡) = 𝑒−𝜉𝜔0𝑡 (

�̇�0 + 𝜉𝜔0(𝑢0 − 𝐹0 𝑘⁄ )

𝜔𝑑
𝑠𝑖𝑛(𝜔𝑑𝑡) + (𝑢0 −

𝐹0

𝑘
) 𝑐𝑜𝑠(𝜔0𝑡)) +

𝐹0

𝑘
 (3.38) 

The values 𝑢(𝑡1) and �̇�(𝑡1) can then be used as initial inputs to find the subsequent response of 

free damped motion when 𝑡 > 𝑡1.  

In order to find the total contribution of the arbitrary time varying force 𝐹(𝑡) to the system the 

Dirac delta function can be used to break up the signal into infinitesimally small time periods. 

The Dirac delta function is defined as always zero for any real number except at zero where it 

is infinite: 

 

∫ 𝛿(𝑥)𝑑𝑥 = 1

∞

−∞

 (3.39) 
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Defining the Dirac pulse as a force with magnitude 𝐹0 and duration 𝑡1 which goes towards zero 

and using the impulse-momentum theorem: 

 𝐹0𝑡1 = 𝑚�̇�0(𝑡1) (3.40) 

The pulse will give the mass an initial velocity but no initial displacement to give: 

 
�̇�0 =

𝐹0𝑡1
𝑚

 (3.41) 

The infinitely short duration of the steady-state response is succeeded by the free vibration 

described in equation (3.33). The solution to this with known initial velocity and 𝑢0 = 0 can be 

given as: 

 
𝑢(𝑡) = 𝑒−𝜉𝜔0𝑡 (

�̇�0 + 𝜉𝜔0𝑢0

𝜔𝑑
𝑠𝑖𝑛(𝜔𝑑𝑡)) 

= 𝑒−𝜉𝜔0𝑡 (
𝐹0𝑡1
𝜔𝑑

𝑠𝑖𝑛(𝜔𝑑𝑡))  

(3.42) 

where 𝜔𝑑 is the damped natural angular frequency given by: 

 

𝜔𝑑 = 𝜔0√1 − 𝜉2 
(3.43) 

Figure 3.6 shows one of the infinitesimally small pulse loads of duration 𝑑𝜏 at time 𝑡 = 𝜏. At 

𝑡 = 𝑡𝑐 the contribution of this load to the response of the system is given by: 

 
𝑑𝑢(𝑡𝑐) = 𝑒−𝜉𝜔0(𝑡𝑐−𝜏) (

𝑓(𝜏)𝑑𝜏

𝑚𝜔𝑑
𝑠𝑖𝑛𝜔𝑑(𝑡𝑐 − 𝜏)) (3.44) 

 

Figure 3.6: Pulse load of infinitesimally small duration, 𝑑𝜏 

The total contribution of the load to the system can be given by the summation of sequence of 

the infinitesimally small pulse loads to compute a total solution at time 𝑡 = 𝑡𝑐 
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𝑢(𝑡𝑐) =

1

𝑚𝜔𝑑
∑𝑒−𝜉𝜔0(𝑡𝑐−𝜏) (𝑓(𝜏𝑖)𝑑𝜏𝑠𝑖𝑛(𝜔𝑑(𝑡𝑐 − 𝜏𝑖)))

𝑛

𝑖=1

 (3.45) 

where 𝑛 is the number of pulses before the time 𝑡𝑐. As 𝑑𝜏 tends towards zero then the 

summation will transform into an integral: 

 

𝑢(𝑡𝑐) =
1

𝑚𝜔𝑑
∫ 𝑒−𝜉𝜔0(𝑡𝑐−𝜏) (𝑓(𝜏)𝑠𝑖𝑛(𝜔𝑑(𝑡𝑐 − 𝜏))) 𝑑𝜏

𝑡𝑐

0

 (3.46) 

This is the Duhamel integral and is usually written in the form: 

 

𝑢(𝑡) =
1

𝑚𝜔𝑑
∫𝑒−𝜉𝜔0(𝑡−𝜏) (𝑓(𝜏)𝑠𝑖𝑛(𝜔𝑑(𝑡 − 𝜏))) 𝑑𝜏

𝑡

0

 (3.47) 

This integral can be solved numerically in different ways. 

3.2.2 MDOF system  

In contrast to a SDOF system, a multi degree of freedom (MDOF) system allows any number 

of moving parts to move or rotate in up to six directions at any given point. 

The dynamic equation of motion for a MDOF system excited by a dynamic force can be written 

in matrix form as 

 [𝑀]{�̈�} + [𝐶]{�̇�} + [𝐾]{𝑢} = 𝑓(𝑡) (3.48) 

where [𝑀] is the mass matrix, [𝐶] is the damping matrix, [𝐾] is the stiffness matrix and {𝑢} is 

the displacement vector. 

The dynamic response of a MDOF system can be obtained by numerical integration of equation 

(3.48). 

 

3.3 Modal Analysis 

Dynamic loads such as wind or earthquake induced loads will cause structures to respond with 

motion small or large depending on, amongst other factors, the natural frequencies, 𝑓, of the 

structure, damping properties and the intensity of the external loads. When considering the 

dynamic properties of a structure it can be important to understand the shapes into which said 

structure will naturally displace. This is known as free vibration and is caused without the 

presence of any dynamic excitation, external forces, support motion or damping. Any structure 

will have natural shapes, or “modes”, that it will displace into at a given time. This displacement 

can be caused either by a single or multiple modes. 
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In a linear undamped multi degree of freedom (MDOF) system, the vibration, and therefore 

natural frequencies of the structure can be found by performing analysis of the natural modes 

of the structure using the equation of motion for a MDOF system without damping and dynamic 

force. 

 [𝑀]{�̈�} + [𝐾]{𝑢} = 0 (3.49) 

where [𝑀] is the mass matrix, [𝐾] is the stiffness matrix and {𝑢} is the displacement vector as 

before.  

Assuming initial conditions at time 𝑡 = 0 and that the structure will vibrate with simple 

harmonic motion. The displacement can then be given as 

 {𝑢} = 𝑞𝑛(𝑡){𝜑} (3.50) 

where [𝜑] is one of the modal shapes of vibration and 𝑞𝑛(𝑡) is displacements dependent on 

time which can be expressed as 

 𝑞𝑛(𝑡) = 𝐴𝑛𝑐𝑜𝑠𝜔𝑛𝑡 + 𝐵𝑛𝑠𝑖𝑛𝜔𝑛𝑡 (3.51) 

where 𝐴𝑛 and 𝐵𝑛 are constants of integration. By combining equations (3.50) and (3.51): 

 
{𝑢} = (𝐴𝑛𝑐𝑜𝑠𝜔𝑛𝑡 + 𝐵𝑛𝑠𝑖𝑛𝜔𝑛𝑡){𝜑} 

(3.52) 

This displacement equation can then be twice differentiated with respect to time to give 

acceleration which can then be substituted into equation (3.49): 

 
([𝐾] − 𝜔𝑛

2[𝑀]){𝜑} = 0 
(3.53) 

For a system with 𝑁 degrees of freedom the 𝑁 natural modes can be determined from the 

characteristic equation of motion with 𝜔𝑛 as a scalar and 𝜙 in vector form 

 
𝑑𝑒𝑡([𝐾] − 𝜔𝑛

2[𝑀]) = 0 
(3.54) 

where 𝜔𝑛 is the natural angular frequency in rad/sec. The roots of this equation correspond to 

the eigenvalues, which when combined with a known natural frequency 𝜔𝑛 yield a 

corresponding eigenvector of the mode 𝜑. The natural period, 𝑇𝑛, which is the time it takes for 

the structure to complete one full cycle of vibration, for each mode is given by 

 

𝑇𝑛 =
1

𝑓𝑛
=

2𝜋

𝜔𝑛
 

(3.55) 

The eigenvectors of the natural modes can be written in an 𝑁𝑥𝑁 matrix with row representing 

a degree of freedom and each column a mode: 
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Φ =

[
 
 
 
 
𝜑11 𝜑12 𝜑13 ⋯ 𝜑1𝑁

𝜑21 𝜑22 𝜑23 ⋯ 𝜑2𝑁

𝜑31 𝜑32 𝜑33 ⋯ 𝜑3𝑁

⋮ ⋮ ⋮ ⋱ ⋮
𝜑𝑁1 𝜑𝑁2 𝜑𝑁3 … 𝜑𝑁𝑁]

 
 
 
 

 
(3.56) 

To comply with the above described process, the analysis of the tower in this thesis was based 

on the eigenvector- modal analysis option in SAP2000. Software packages such as PLS-Tower 

and SAP2000 utilise the finite element method to find approximate solutions to complex 

boundary value problems that would otherwise prove extremely time consuming, or even 

impossible to solve with classical analytical techniques. This is done by subdividing a problem 

using a mesh structure into a number of smaller, simpler parts known as finite elements. These 

elements can then be solved for a given algebraic equation with the results lumped at the nodes. 

3.3.1 Modal Damping 

The SAP2000 analysis was carried out using the modal time-history method which uses 

material modal damping, also known as composite modal damping, to weight the damping of 

the structure according to modal and material element stiffness. This allows for individual 

damping ratios, 𝜁, for each material used in the model. The damping ratio,  𝜁𝑖𝑗, contributed to 

mode 𝑖 by element 𝑗 of the material is given by 

 

𝜁𝑖𝑗 =
𝜁[𝜑]𝑖

𝑇[𝐾]𝑗[𝜑]𝑖  

𝐾𝑖
 

(3.57) 

where [𝜑]𝑖 is the mode shape for mode 𝑖, [𝐾]𝑗 is the stiffness matrix for element 𝑗 and 𝐾𝑖 is the 

modal stiffness for mode 𝑖 given by: 

 

𝐾𝑖 = ∑[𝜑]𝑖
𝑇[𝐾]𝑗[𝜑]𝑖 

𝑗

 (3.58) 

As stated in chapter 3.2.1 the usual damping ratio for an OHTL tower is 0.02. 

 

3.4 Wind loads 

As wind strikes a structure it will cause a force on the structure. In the case of a tall and flexible 

structure such as the transmission tower examined in this study, the fluctuating velocity of the 

wind will cause a buffeting effect on the structure which can induce a dynamic response in the 

tower depending on the dynamic characteristics of it.  

Standard OHTL design is based on a static approach of this buffeting, or turbulence, by 

introducing a turbulence velocity factor which takes into account the height at which the wind 

is acting on the structure and the surrounding terrain conditions. A dynamic factor which is also 
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included to represent the dynamic effect of the structure. By modelling the wind stochastically, 

as shall be described, it will be possible to expand this design parameter by applying a time 

series wind load to the tower. The results can then be interpreted to determine the effect of 

modelling dynamically versus standard static models.  

3.4.1 General wind load modelling 

Wind flow speeds and directions change with space and time. By following current industry 

practices of static loading, the loads resulting from this flow are determined from wind-tunnel 

tests, field simulations and/or numerical simulations. In this study the method from EN 50341-

1-2012 was used to calculate static loads according to numerical simulations. The process 

divides the wind speed into two parts: mean wind speed; turbulence intensity. 

In both the model using a static loading profile and the model using a dynamic load profile, the 

tower was modelled in each programme with superstructure components only. That is to say, 

the tower was modelled accurately for profile size and length, but foundation models were not 

included as this was not necessary for this study due to the use of equation (3.16) for the 

prediction of uplift capacity.  

Due to the size of the tower and length of span involved, it was assumed that insulator loads 

were negligible in comparison to tower and conductor loads and therefore ignored. Loading due 

to the dead weight and effect of wind of the conductors was however included for both static 

and dynamic loads. The results of load calculations were then manually inserted into the models 

as point loads at the conductor attachment points in the static model and as time histories in the 

dynamic model. The calculation process for these loads is detailed in chapter 3.4.2 for the static 

load and 3.4.3 for the dynamic loads. 

 

3.4.2 Static wind modelling 

Wind force 

The wind loading on the tower was calculated according to EN 50341-1:2012 clause 4.3 which 

is the most appropriate design standard for the project type and location. The approach taken in 

this standard is based on the equations in EN 1991-1-4 (CEN, 2005). In the case of the static 

wind loading model, PLS-Tower applied the wind pressures to the tower with a pre-defined 

basic pressure that is related to the location of the tower, described further later in this chapter. 

The resulting loads were divided equally across all nodes in a given section on both the 

windward and leeward sides of the tower. No account was taken for the effect of shielding from 

members hit first which is a conservative approach to the design and commonly used in 

industry. 

EN 50341-1:2012 states that the value of the wind force blowing horizontally perpendicular to 

any line component and at a reference height ℎ, 𝑄𝑤𝑥, is defined as: 

 𝑄𝑤𝑥 = 𝑞𝑝(ℎ)𝐺𝑥𝐶𝑥𝐴𝑥 (3.59) 
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where 𝑞𝑝(ℎ) is the peak wind pressure as a function of height, ℎ is the reference height above 

ground, 𝐺𝑥 is the structural factor for the structural member being considered, 𝐶𝑥 is the drag 

factor (or force coefficient) and 𝐴𝑥 is the reference area of the structural component being 

considered. 𝐺𝑥 is introduced to take into account the non-simultaneous occurrence of peak wind 

pressures on the surface of the structure as well as the effect caused by vibration of the structure 

which is in resonance with the turbulence. 

The following paragraphs describe how equation (3.59) is built up. 

 

Mean wind velocity profile 

Wind velocity is not uniformly distributed along the height of the structure; therefore, a mean 

value is calculated at relevant points of action. In wind engineering the mean wind 

velocity, 𝑉ℎ(ℎ), is commonly defined as the 10 minute average wind velocity at a given height, 

(ℎ), above the ground acting perpendicular to a given element of the structure. In EN 1990-1-

4 it is expressed with the equation: 

 
𝑉ℎ(ℎ) = 𝑉𝑏,0𝑐𝑑𝑖𝑟𝑐𝑜𝑘𝑟𝑙𝑛 (

ℎ

𝑧0
) 

(3.60) 

where 𝑉𝑏,0 is the basic wind velocity, 𝑐𝑑𝑖𝑟 is the wind directional factor (recommended value 

of 1.0), 𝑐0 is the orography factor (recommended value of 1.0 when average slope of upwind 

terrain is small, that is < 5%), 𝑘𝑟 is the terrain factor. 𝑧0 is the roughness length which is 

defined for the five terrain categories in EN 50431-1 2012 and analogous to EN 1991-1-4. 𝑘𝑟 

is linked to 𝑧0 by the following equation: 

 
𝑘𝑟 = 0.189 (

𝑧0

0.05
)
0.07

 
(3.61) 

For the purposes of this study, a reasonable assumption was made that the tower lies on a flat 

surface in conditions consistent with terrain category I, where category I corresponds to lakes 

or flat and horizontal areas with negligible vegetation and without obstacles. 

When calculating the mean wind velocity for the conductors, the value for ℎ is taken as a 

reference height that takes into account varying levels of conductors and earthwires hanging on 

the tower. There are nine methods to calculate this height given in table 4.3 of EN 50341-1-

2012, with method 1 being the least conservative and method 9 the most. This study shall use 

method 5 which gives a mean weighted height for attachment points at the insulator set and is 

most relevant to the models used here. Therefore, the reference height, ℎ, is: 

 
ℎ = ℎ𝑤 =

∑ 𝑛𝑖𝑑𝑖ℎ𝑖𝑖≥1

∑ 𝑛𝑖𝑑𝑖𝑖≥1
 (3.62) 

where 𝑛𝑖 is the number of conductors with the same diameter at the height 𝑖, 𝑑𝑖 is the diameter 

of the conductor at height 𝑖, and ℎ𝑖 is the reference height above ground of the centre of gravity 

of the conductor or appropriate attachment point of the conductor at the height level 𝑖. 
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The fundamental basic wind velocity, 𝑉𝑏,0, is defined as the 10 minute mean wind velocity, 

regardless of wind, direction and time of year, at 10 m above ground level in open country with 

low vegetation and with a separation of at least 20 times any obstacle height which corresponds 

to terrain category II. For the purposes of this study, it is the value of 𝑉𝑏,0 that was altered in 

order to define the type of wind being applied to the tower, and therefore the pressure. It should 

be noted however, that some National Annexes (NA´s) define specific wind profiles which 

better take into account local conditions. 

 

Mean wind pressure 

The mean wind pressure, 𝑞ℎ(ℎ), for the given reference height can be calculated from 𝑉ℎ(ℎ) 
as: 

 𝑞ℎ(ℎ) = 1
2⁄ 𝜌𝑉ℎ

2(ℎ) 

 

(3.63) 

Where 𝜌 is the air density in 𝑘𝑔 𝑚3⁄  which can vary depending on altitude, temperature and 

pressure but can be taken as 1.25 𝑘𝑔 𝑚3⁄  at 15°C and 1013 hPa. 

 

Turbulent wind 

In the statically loaded model, the effect of fluctuating wind gusts, otherwise known as the 

turbulent wind, is taken into account by calculating a turbulence intensity factor, 𝐼𝑢(ℎ), which 

is defined as the standard deviation of the wind turbulence, 𝜎𝑢, divided by the mean wind 

velocity, 𝑉ℎ: 

 
𝐼𝑢(ℎ) =

𝜎𝑢

𝑉ℎ
=

1

𝑐0𝑙𝑛 (
ℎ
ℎ0

)
 

(3.64) 

The peak wind pressure, which takes into account the mean wind and the turbulent wind is 

defined by the code as: 

 𝑞𝑝(ℎ) = [1 + 7𝐼𝑢(ℎ)]𝑞ℎ(ℎ) (3.65) 

Equation (3.65) corresponds to a design wind speed 𝑉𝐷 that is defined as the mean wind speed 

plus 3.5 standard deviations of the wind turbulence, 𝜎𝑢, which has zero mean and is derived by: 

 𝑉𝐷 = 𝑉ℎ + 3.5𝜎𝑢 (3.66) 

Which can be used to find the design or peak wind pressure 𝑞ℎ(ℎ): 

 𝑞𝑝(ℎ) = 1
2⁄ 𝜌𝑉𝐷

2 = 1
2⁄ 𝜌 ∙ (𝑉ℎ + 3.5𝜎𝑢 ) ≈ 1

2⁄ 𝜌𝑉ℎ ∙ (1 + 7𝐼𝑢(ℎ)) (3.67) 

The peak wind pressure is then applied to the statically loaded model for each load case, see 

chapter 4.3. 
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This peak wind pressure is a key component of the static wind load that can be compared to the 

equivalent effect in the dynamically loaded model.  

Section loads 

Once the peak wind pressure has been found, the force component, 𝑄𝑤𝑡, acting in the wind 

direction on any given element of the structure according to (CENELEC, 2012) is given by 

 𝑄𝑤𝑡 = 𝑞𝑝(ℎ)𝐺𝑡(1 + 0.2𝑠𝑖𝑛2𝜑)(𝐶𝑡1𝐴𝑡1 + 𝐶𝑡2𝐴𝑡2𝑠𝑖𝑛
2𝜑) (3.68) 

where 𝜑 is the wind angle transverse to the tower crossarm as shown in Figure 3.7. 𝐺𝑡 is the 

structural factor for a lattice tower calculated as 

 
𝐺𝑡 =

1 + 6𝐼𝑢(ℎ)√𝐵2

1 + 7𝐼𝑢(ℎ)
 (3.69) 

where 

 
𝐵2 =

1

1 +
3
2×

𝐻𝑡

𝐿(ℎ)

 
(3.70) 

where 𝐻𝑡 is the total height of the tower and 𝐿(ℎ) is the turbulent length scale (average size of 

gust in metres) at the reference height of the conductors given by: 

 
𝐿(ℎ) = 300 (

ℎ

200
)
0.67+0.05𝑙𝑛(ℎ0)

 (3.71) 

𝐴𝑡1 and 𝐴𝑡2 in equation (3.68) represent the effective area of the elements in the tower panel 

(in this case section) for faces 1 and 2 respectively. 𝐶𝑡1 and 𝐶𝑡2 are the drag factors for the tower 

panel (section) under consideration for faces 1 and 2 respectively with consideration to wind 

that is perpendicular to the panel. The values for 𝐶𝑡1 and 𝐶𝑡2 are calculated according to the 

solidity ratio, χ, for a given section which is calculated as with reference to Figure 3.7: 

 
χ = 𝐴𝑡𝑖

2

h(𝑏1 + 𝑏2)
 

(3.72) 
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Figure 3.7: Definitions of tower panel face and solidity ratio (CENELEC, 2012) 

The drag factors for each face, 𝐶𝑡1 and 𝐶𝑡2, and the drag factor for the crossarm, 𝐶𝑡𝑐, are then 

calculated using respective solidity ratios as: 

 𝐶𝑡𝑖 = 3.96(1 − 1.5χ𝑖 + χ𝑖
2) (3.73) 

 

3.4.3 Dynamic wind modelling 

This chapter sets out the process involved in the calculation of the time series for the dynamic 

wind load. The process was carried out using MATLAB programming.  

The modelling of the dynamic wind follows a stochastic process, that is to say, it can never be 

predicted with absolute certainty but by keeping the time window relatively short, the process 

can be assumed to have stationary and homogenous statistical properties.  

An air mass is caused to accelerate in a response to pressure gradients within the atmosphere. 

As this mass of air travels through space, its motion is restricted by friction with surfaces it 

comes into contact with, most commonly the ground surface. This causes the velocity to vary 

within the air mass generating shear stresses that lead to turbulent flow (eddies). An example 

comparison between laminar wind flow and turbulent wind flow as a function of height is 

shown in Figure 3.8.  
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Figure 3.8: Laminar wind profile (dashed curve) compared to turbulent wind (solid curve) 

(Murty, 2002) 

The length over which this turbulent flow acts is known as the atmospheric boundary layer and 

can vary from hundreds of meters to several kilometers. This variation of wind pressure with 

time leads to a highly dynamic form of loading which can have a significant effect on towers, 

particularly slender ones. 

The turbulence is random both in space and time and is therefore difficult to model accurately. 

In a similar approach to the static loading calculations, the dynamic wind profile can be 

calculated by splitting the total velocity into mean wind and turbulent wind components. 

A wind gust is a three dimensional action and therefore has components in each of the three 

primary axis directions, 𝑥, 𝑦 and 𝑧. Wind engineering commonly defines the corresponding 

wind components for these directions as follows: 

𝑈 for the 𝑥 direction which is parallel to the mean wind direction and known as along wind 

fluctuations 

𝑉 for the 𝑦 direction which is perpendicular to the mean wind direction and known as cross 

wind fluctuations 

𝑊 for the 𝑧, or ℎ; direction which is known as the vertical fluctuation. 

The mean value of the cross wind, 𝑉, and vertical components, 𝑊, is zero therefore the wind 

formulations for each direction are: 

 𝑈(𝑥, 𝑦, 𝑧, 𝑡) = 𝑉ℎ(ℎ) + 𝑢(𝑥, 𝑦, 𝑧, 𝑡) (3.74) 

 

 𝑉(𝑥, 𝑦, 𝑧, 𝑡) = 0 + 𝑣(𝑥, 𝑦, 𝑧, 𝑡) (3.75) 

 

 𝑊(𝑥, 𝑦, 𝑧, 𝑡) = 0 + 𝑤(𝑥, 𝑦, 𝑧, 𝑡) (3.76) 

 

Figure 3.9 shows an example of a wind speed time series in the along wind direction which 

demonstrates how the mean wind component and the turbulent component interact. 

𝑽𝒉(𝒉) 

𝒖(𝒉, 𝒕) 

h 

v 
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Figure 3.9: Turbulent wind speed components as a function of time (Murty, 2002) 

For simplification purposes when calculating the fluctuating wind velocity in MATLAB and 

subsequently applying results to the SAP2000 model, this study ignores the cross wind, 

𝑉(𝑥, 𝑦, 𝑧, 𝑡), and vertical, 𝑊(𝑥, 𝑦, 𝑧, 𝑡) components with only the along wind, 𝑈(𝑥, 𝑦, 𝑧, 𝑡) 

component taken into account.  

Only loads acting in a direction exactly transverse or longitudinal to the tower were considered 

depending on the load cases described in Chapter 4.2. Therefore, the expression for the total 

fluctuating wind pattern is given by equation (3.83). 

 

3.4.4 Modelling of the turbulent wind speed field 
 

Turbulent wind speed at one point is typically modelled as a stochastic process and for any 

stochastic process, the variance can be found by using a frequency domain approach along with 

auto spectral density. The auto spectral density 𝑆𝑥(𝜔) describes the weighting of the amplitudes 

and intensity of the different frequencies in the stochastic process.  

The process becomes more complicated once it becomes necessary to model the wind at more 

than one point simultaneously, for example when simulating a wind field. 

It is generally understood that the wind field will have a spatial coherence, that is the correlation 

between wind velocities at different points in space, which should be included in the turbulent 

wind model. In general terms, when a structure is exposed to a gust of wind, the lowermost 

point (usually ground level) will experience the greatest turbulent flow due to the frictional 

effects of the ground and the boundary layer, whilst the uppermost point will experience a more 

laminar flow. The coherence is a statistic that can be used to describe the relation between two 

wind velocity signal 𝑥(𝑡) and 𝑦(𝑡) at two different spatial points: 

 

𝐶𝑜ℎ𝑥𝑦(𝜔) =
|𝑆𝑥𝑦(𝜔)|

2

𝑆𝑥(𝜔)𝑆𝑦(𝜔)
 

 

(3.77) 

Where 𝑆𝑥(𝜔) is the auto spectral density for 𝑥(𝑡) and 𝑆𝑦(𝜔) is the auto spectral density for 

𝑦(𝑡). 𝑆𝑥𝑦 is the cross spectral density between 𝑥(𝑡) and 𝑦(𝑡). 

𝑽𝒉(𝒉) 
𝑼(𝒙, 𝒚, 𝒛, 𝒕) 

𝒖(𝒙, 𝒚, 𝒛, 𝒕) 
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Deodatis (1996) proposed a method for determining a coherence function for a stationary, 

multivariate stochastic process according to its prescribed spectral density matrix. The 

methodology is explained by looking at the longitudinal velocity fluctuations at three points 

along a vertical line which are considered to be a trivariate stochastic vector process. The 

methodology can then be expanded to any number of spatial distributed points, for instance n 

reference points at different heights for an OHTL tower. The three velocity fluctuations at these 

points, Figure 3.10, 𝑢1(𝑡), 𝑢2(𝑡) and 𝑢3(𝑡) the mean value equal to zero, the cross-spectral 

density matrix 𝑆𝜔
0  is expressed as 

 

𝑆0(𝜔) = [

𝑆11
0 (𝜔) 𝑆12

0 (𝜔) 𝑆13
0 (𝜔)

𝑆21
0 (𝜔) 𝑆22

0 (𝜔) 𝑆23
0 (𝜔)

𝑆31
0 (𝜔) 𝑆32

0 (𝜔) 𝑆33
0 (𝜔)

] (3.78) 

An expression for the cross spectral densities between 𝑢𝑗
0(𝑡) and 𝑢𝑘

0(𝑡) is given by: 

 
𝑆𝑗𝑘

0 (𝜔) = √ 𝑆𝑗(𝜔)  𝑆𝑘(𝜔) 𝛾𝑗𝑘(𝜔)        𝑗, 𝑘 = 1,2,3 (3.79) 

Where 𝛾𝑗𝑘(𝜔) is the coherence function to describe a stochastic vector process that is 

nonhomogeneous in space due to the longitudinal velocity fluctuations 𝑢1(𝑡), 𝑢2(𝑡) and 𝑢3(𝑡) 

having different frequency contents, that is 𝑆1(𝜔) ≠ 𝑆2(𝜔) ≠ 𝑆3(𝜔). A commonly used model 

proposed by Kaimal et al (1972) is used to describe the power spectral density function of the 

longitudinal wind velocity fluctuations at different heights 

 
𝑆(𝜔, ℎ) =

1

2

200

2𝜋
𝑢∗

2
ℎ

𝑉ℎ(ℎ)

1

[1 + 50
𝜔ℎ

2𝜋𝑉ℎ(ℎ)
]

5
3⁄
 

(3.80) 

where ℎ is the height in metres, 𝜔 is the frequency, 𝑢∗ is the shear velocity of the flow and 

𝑉ℎ(ℎ) is the mean wind speed in 𝑚 𝑠⁄  at height ℎ. The shear velocity, also known as friction 

velocity can be computed as 

 𝑢∗ = √Κ𝑉ℎ(10) = 𝑘𝑟𝑘𝑎𝑉ℎ(10) (3.81) 

where Κ is the roughness coefficient, 𝑘𝑟 is the terrain factor given by equation (3.61) and 𝑘𝑎 

and is the von Karman constant equal to 0.4. 

Davenport (1968) proposed a model for the coherence function between velocity fluctuations 

at two different heights 

 

𝛾(∆ℎ,𝜔) = 𝑒𝑥𝑝 [−
𝜔

2𝜋

𝐶ℎ∆ℎ

1
2

[𝑉1(ℎ) + 𝑉2(ℎ)]
] (3.82) 

where 𝑉1(ℎ) and 𝑉2(ℎ) are the mean wind speeds at heights ℎ1 and ℎ2 respectively, ∆ℎ =
|ℎ1 − ℎ2| and 𝐶ℎ is a constant that be set to 10 for structural design purposes (Simiu and 

Scanlan, 1978). 
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Figure 3.10: Heights of velocity fluctuations 𝑢1
0(𝑡), 𝑢2

0(𝑡) and 𝑢3
0(𝑡) 

The correlated velocity fluctuations 𝑢1(𝑡), 𝑢2(𝑡) and 𝑢3(𝑡) can be simulated by starting with 

cross-spectral density matrix 𝑆0(𝜔) which is decomposed using the Cholesky method 

 𝑺0(𝜔) = 𝑯(𝜔)𝑯𝑇∗(𝜔) (3.83) 

where superscript T is the transpose of matrix. The 𝑯(𝜔) is a lower triangular matrix 

 

𝑯(𝜔) = [

𝐻11(𝜔) 0 0

𝐻21(𝜔) 𝐻22(𝜔) 0

𝐻31(𝜔) 𝐻32(𝜔) 𝐻33(𝜔)
] (3.84) 

whose diagonal elements are real and nonnegative functions of 𝜔 whilst the off diagonal 

elements are generally complex functions of 𝜔. The off-diagonal elements of this matrix can 

be written in polar form as 

 𝐻𝑗𝑘(𝜔) = |𝐻𝑗𝑘(𝜔)|𝑒𝑖𝜃𝑗𝑘(𝜔)               𝑗 = 2,3; 𝑘 = 1,2; 𝑗 > 𝑘 (3.85) 

where: 

 
𝜃𝑗𝑘(𝜔) = 𝑡𝑎𝑛−1 {

𝐼𝑚[𝐻𝑗𝑘(𝜔)]

𝑅𝑒[𝐻𝑗𝑘(𝜔)]
} (3.86) 

𝐼𝑚 and 𝑅𝑒 represent the imaginary and real parts of a complex number respectively. The 

following relations are then valid for the elements of the 𝐻(𝜔) matrix as 

 |𝐻𝑗𝑘(𝜔)| = |𝐻𝑗𝑘(−𝜔)|           𝑗 = 2,3; 𝑘 = 1,2; 𝑗 > 𝑘 (3.87) 

 

and 

 𝜃𝑗𝑘(𝜔) = −𝜃𝑗𝑘(−𝜔)             𝑗 = 2,3; 𝑘 = 1,2; 𝑗 > 𝑘 (3.88) 

By using the 𝑖th realisations 𝜑1𝑙
(𝑖)

, 𝜑2𝑙
(𝑖)

 and 𝜑3𝑙
(𝑖)

 of the random phase angles 𝜑1𝑙, 𝜑1𝑙 and 𝜑1𝑙, a 

sample function 𝑢𝑗
(𝑖)(𝑡) can be obtained to find the fluctuating wind velocity time histories:  
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𝑢𝑗
(𝑖)(𝑡) = 2 ∑ ∑|𝐻𝑗𝑚(𝜔𝑚𝑙)|

𝑁

𝑙=1

√∆𝜔𝑐𝑜𝑠[𝜔𝑚𝑙𝑡 − 𝜃𝑗𝑚(𝜔𝑚𝑙) + 𝜑𝑚𝑙
(𝑖)

]

3

𝑚=1

= 𝑢𝑗(ℎ, 𝑡) (3.89) 

The mathematical details of the simulation methodology are given by Deodatis (1996) but are 

beyond the scope of this thesis.  

The methodology was used in this thesis to simulate the wind field in the form of spatially 

correlated wind velocity time histories as a dynamic load on the OHTL tower. An open source 

Matlab programme, WindSim (Cheynet, 2016) was applied.  

Dynamic wind load 

The dynamic wind load was applied to the tower as a force given as a function of the calculated 

time series at each section. The fluctuating force due to the total of the turbulent wind effect 

and the mean wind, equation (3.74), is calculated by using the following equation for along 

wind loads 

 
𝐹(𝑡) = 𝐶𝑥𝐴𝑞𝑝(𝑧) = 𝐶𝑥𝐴 ∙ 0.5 ∙ 𝑈(ℎ, 𝑡)2 =

𝐶𝑥𝐴𝑈(ℎ, 𝑡)2

1.6
 

 

(3.90) 

where 𝐴 is the area acted upon by the wind and 𝐶𝑥 is the drag coefficient. For transmission 

towers this drag coefficient is equal to 2.5. 

Equation (3.90) will be applied to the model by dividing the tower into sections rising from the 

base of the tower to a given height, calculating the area of each section, and then applying the 

preceding equations to a nodal point at the top of each section. Further details of how the tower 

is divided up for this process are provided in chapter 4.3. 



36 
 

  



37 
 

4 Modelling 

4.1 The tower model 

The model of the tower analysed in this thesis is based on a proposal for a new transmission 

tower located in Sweden, which is required to span a river crossing and to provide adequate 

clearance for ships passing underneath the conductors. The tower is of the commonly 

constructed lattice type of tower which utilises a truss system of members to transfer self-

induced, variable and conductor loads from the structure to the foundations. The tower 

conforms to the definition of a “high tower” with a maximum height of 107 m above ground.  

Figure 4.1 shows a schematic of the tower. Conductors are attached at point C1, C2 and C3, 

with the earthwires attached at points E1 and E2.  

 

Figure 4.1: Schematic view of tower 
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4.1.1 Steel and section profiles 

For the purposes of this thesis all members were modelled accurately for profile sizes and steel 

grade so as to ensure realistic dead load contributions in the models. However, it is not within 

the remit of this study to analyse the steel connections, therefore items such as bolts and bolt 

holes were omitted.  

The tower is modelled using varying sizes of either single L-profile angles or double “back-to-

back” L-profiles. Figure 4.2 and Figure 4.3 show examples of these two profile arrangements. 

 
Figure 4.2: Single angle 

L100x100x10 profile 

 
Figure 4.3: Double angle 2L100x100x10 profile 

Table 4-1 gives a list of member profiles used in the study with the sections shown in Figure 

4.1. 

Table 4-1: List of member profiles used in the study 

 

The tower is constructed from standard S355 steel for all main members of the superstructure. 

Table 4-2 shows the material properties of S355 steel used in the study. 

  

Unit Weight Gross Area

Radius of 

Gyration Rx

Radius of 

Gyration Ry

Radius of 

Gyration Rz

[Nm
-1

] [mm2] [mm] [mm] [mm]

2L100x100x9 272.30 3469.00 41.20 30.50 30.50

2L60x60x6 108.40 1382.00 18.20 18.20 11.70

2L70x70x7 147.60 1880.00 21.20 21.20 13.70

L130x130x10 197.90 2520.00 39.90 39.90 25.50

L90x90x9 121.80 1552.00 27.30 27.30 17.50

2L100x100x10 300.80 3830.00 30.40 30.40 19.50

L100x100x10 150.40 1915.00 30.40 30.40 19.50

L150x150x14 316.50 4031.00 45.80 45.80 29.30

L60x60x6 54.20 691.00 18.20 18.20 11.70

L45x45x4 27.40 349.00 13.70 13.70 8.80

L70x70x7 73.80 940.00 21.20 21.20 13.70

L80x80x8 96.30 1230.00 24.30 24.30 15.60

L110x110x10 166.30 2118.00 33.50 33.50 21.50

L120x120x13 233.10 2969.00 36.40 36.40 23.40

L180x180x18 486.00 6191.00 54.90 54.90 35.20

L200x200x18 542.50 6911.02 61.30 61.30 39.20

Leg truss

Main legs

Profile sizeSection

Bridge beam

Bridge truss

Bridge-leg beam

Bridge-Leg truss
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Table 4-2: Material properties of S355 steel 

 

 

4.1.2 Conductors 

The tower has two types of cable attached to it running in the longitudinal direction; conductor 

and earthwire. The purpose of the conductor is to carry the electrical current from one 

transmission tower to the next, ultimately forming a transmission line linking two substations 

that then distribute the energy to where it is required. Modern conductors are typically made 

from bundled aluminium coils which is cheaper and has a lower specific conductivity, and 

therefore requires less material, than older copper wires. Copper wires are however still in use 

in some lower voltage lines.  

The conductor is flexible with a constant mass per unit length and therefore once strung out, 

will conform approximately to the shape of a catenary. This means that the sag of the cable can 

be calculated and is often a critical design factor in transmission line design. 

The purpose of the earthwire, sometimes referred to as “ground wire” or “shield wire” is to 

earth the structure to the ground by providing a direct connection from the top of the tower to 

the ground, insulating the structure in the case of a direct lightning strike. The tower modelled 

in this thesis has two earth wires peak due to the large voltage nature of the line. 

The earthwires and conductors used for the calculations were of the standard type used in 

Swedish transmission lines namely; 911-AL59 conductors and 152-AL1/89-ST1A earthwires. 

Both of these wires are high strength bundled cables that have properties at the upper end of 

what is available. Table 4-3 shows the material properties of each wire.  

Table 4-3: Earthwire and Conductor material properties 

 

Figure 4.4, Figure 4.5 and Figure 4.6 give a cross section view of the cable bundles. 

Property Symbol Unit Value

Modulus of elasticity e [MPa) 210x10
3

Yield strength Fy [MPa) 355

Ultimate strength Fu [MPa) 510

Poisson´s ratio ν [-] 0.3

Al Steel Total Al Steel Core Cond.

[-] [-] [-] [mm2] [mm2] [mm2] [-] [-] [mm] [mm] [kgm-1]

Earthwire 152-AL1/89-ST1A Aluminium and Steel 152.3 88.8 241.2 12 7 12.1 20.1 1.115

Conductor 911-AL59 Aluminium 910.7 - 910.7 61 - - 39.2 2.517

Mass per unit 

length

No. Of wire DiameterArea
Wire type Name Material
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Figure 4.4: 911-AL59 conductor 

with 61 aluminium wire in bundle 

(Svenska kraftnät, 2009) 

 
Figure 4.5: 152-AL1/89-ST1A earthwire with 7 steel 

core wires and 12 Aluminium outer wires in bundle 

(Svenska kraftnät, 2009) 

 
Figure 4.6: Typical arrangement of wires in conductor bundle 

 

Both cable wire bundles are twisted around the centre wire for strength purposes and erosion 

protection. The earthwire cable has a steel core for reinforcement purposes. 

Two earthwire cables are attached to insulators on either side of the tower in the longitudinal 

direction at the top of the tower (107 m) at points E1 and E2, see Figure 4.1. Three conductors 

are attached to 5.5 m long insulators on either side of the tower (100 m) attached in the 

longitudinal direction at points C1, C2 and C3 respectively, see Figure 4.1. In the FEM models, 

the mass of the conductors and earthwires are lumped onto the appropriate nodes. 

Further design parameters shall be discussed in chapter 4.1 when calculating the dead and wind 

loads. 

 

4.1.3 Design properties 

The calculations in this thesis are carried out according to EN 50341-1-2012 “Overhead 

electrical lines exceeding AC 1 kV -Part 1: General requirements -Common specifications 

which”. This is the standard European guideline for the design of OHTL´s and the most 

commonly used by industry practice. It is built on relevant Eurocode documents a list of which 

can be found in chapter 2.1. It should be noted that the code is not exhaustive for all design 

situations but for the purposes of this report is sufficient. 

The static wind loads are calculated as detailed in chapter 3.4.2. Table 4-4 through Table 4-5 

shows the wind, cable and ice propertied used in the calculations. 
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Table 4-4: Wind design parameters 

 

Table 4-5: Cable design parameters and Ice parameters 

 

 

4.1.4 Foundation numbering 

Figure 4.7 shows the foundation numbering convention that was used in this thesis. Each 

foundation is attached with a pinned connection to the corresponding leg member, allowing 

rotation in the vertical, longitudinal and transverse directions, but fixed for displacements on 

each of these axis. 

Parameter Symbol Unit Value

Basic wind velocity_High Vb,0_H [ms
-1

] 32.0

Basic wind velocity_Low Vb,0_L [ms
-1

] 20.0

Roughness Length z0 [m] 0.01

Terrain factor kr [-] 0.169

Orography factor c0 [-] 1.00

Wind direction factor cdir [-] 1.00

Density of air ρair [kgm
-3

] 1.25

Density of steel ρsteel [kgm
-3

] 7850

Density of conductor ρconductor [kgm
-3

] 2766

Density of earthiwre ρearthwire [kgm-3] 4628

Parameter Symbol Unit Value

No. of conductor phases Ncon [-] 3

No. of earthwire phases New [-] 1

Diameter conductor dcon [mm] 39.2

Diameter earthwire dew [mm] 21

Reference height conductor hcon [m] 100

Reference height earthwire hew [m] 107

Area conductor Acon [mm
2
] 910

Area earthwire Aew [mm2] 241

Weight span gcon [m] 800

Wind span gew [m] 600

Weight of conductor wcon [N/m] 25

Weight of earthwire wew [N/m] 10.9

Diameter Ice conductor dcon_I [mm] 75.20

Diameter Ice earthwire dew_I [mm] 56.10

Weight of Ice conductor wcon_I [N/m] 56.46

Weight of Ice earthwire wew_I [N/m] 31.01
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Figure 4.7: Foundation numbering convention 

 

4.2 Load Cases 

EN 50431-1-2012 defines a set of standard load cases that should be taken into consideration 

for any transmission tower design which may be appended to in country specific NNAs. As 

previously described, this thesis is concerned with the application of static and dynamic wind 

loads, therefore only load cases involving wind loading were considered. Therefore, the 

following two most extreme wind loading load cases were calculated: 

 Standard wind with uniform ice 

 High wind 

When defining the direction of the wind, the terminology to be used is: transverse for loads that 

act on the side of the tower; longitudinal for loads acting on the face of the tower (in the line 

direction); vertical for loads acting in either an upwards or downwards direction. Figure 4.8 

shows these term conventions schematically. 

 

Wind direction when 𝜃 = 0 
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Figure 4.8: Load direction conventions (Buckley, 2001) 

In each case, varying angles of application of wind to the tower were analysed, intended to 

simulate the real world properties of possible wind attack angles. Table 4-6 shows the load 

cases to be studied. 

Table 4-6: Definition of load cases 

 

 

4.3 Model Calibration 

In the thesis two software programmes were used for modelling purposes: Firstly, PLS-Tower 

(PLS-Tower, n.d.), which is a bespoke FE programme used in the OHTL design industry solely 

for transmission line design and is limited to analysis by static loading means only; Secondly, 

SAP2000 (SAP2000, n.d.) which is general purpose FE programme widely used in many 

engineering fields for structural analysis and design and is capable of applying dynamic loads 

to a model.   

Load Case

As per EN 50341-1-2012 

subclause Description

1 4.7 Wind and Ice 0°

2 4.7 Wind and Ice 20°

3 4.7 Wind and Ice 45°

4 4.7 Wind and Ice 60°

5 4.7 Wind and Ice 90°

6 4.4 High Wind 0°

7 4.4 High Wind 20°

8 4.4 High Wind 45°

9 4.4 High Wind 60°

10 4.4 High Wind 90°
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The main advantage of PLS-Tower over SAP2000 when modelling wind loads statically is that 

it is capable of calculating and applying wind loads over the height of the tower structure 

internally to a given wind profile with a user calculated mean wind pressure at 10 m height as 

the reference input. In this thesis, the wind profile is being modelled according to EN50341-1-

2012 with the calculation process for said code set out in chapter 3.4.2. Once pressures for each 

pre-determined section of the tower have been calculated, PLS-Tower calculates the total force 

on the section and then divides it equally onto all nodes within that section according to the 

global coordinates system defined by the programme.  

In addition to the mean wind pressure input, the user is also required to input the wind load 

from the conductors as point loads at relevant attachment points if the conductor wires are not 

included in the model, as is the case in this study. It is therefore capable of producing results 

for multiple wind load cases with relative ease. 

In contrast, SAP2000 is not capable of internally calculating and applying wind pressures to 

frame structures to the Eurocode standard. Instead, section pressures, and consequently loads, 

need to be hand calculated. In order to ensure that the loads are applied to the models as 

similarly as possible, the same process that PLS-Tower automatically carries out shall then be 

followed in SAP2000; that is the calculated loads were divided equally between each node 

within the given section. 

Given the geometric complexity of the tower and the varying steel profile sizes, the PLS-Tower 

model results was used as a calibration tool for the basic SAP2000 model to ensure that there 

are no basic errors in the SAP2000 model.  

Finally, the PLS-Tower was used to ascertain the controlling load case, that is, the case that 

leads to the greatest uplift force on the foundation. This single load case was then calculated 

and applied manually to the SAP2000 model.  

As detailed in Table 4-6, 10 load cases were calculated. Results for all ten cases from PLS-

Tower were determined in order to demonstrate the worst case scenario. For the dynamic loads 

in the SAP2000 model, the most critical load case that has the wind load applied either at 0° or 

90° was calculated for dynamic loading purposes. This is done to reduce calculation complexity 

in the time history process as only the X or Y components of the load were required.  

Wind pressure varies as a function of height amongst other parameters. Therefore, the tower 

was split into nineteen sections in both models to accurately simulate the effect of height over 

the tower. The reference height of each section is at the top of it and is shown with dashes on 

Figure 4.9. 
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Figure 4.9: Sections of the tower models (see Table 4-7) 

For the dynamically loaded model, the force is calculated as a time series following the 

procedure set out in chapter 3.4.3. Nineteen space correlated time histories were simulated, i.e. 

one for each reference height. The results of this are then applied to the tower by setting nodal 

points to have a nominal value equal to 1 kN for each section. SAP2000 is then able to apply 

the times series to each of these nodal points as a ratio of the total number of nodes within a 

given section. That is, if there are two nodes in the section, then 50% of the force magnitude of 

the time series will be applied to each node. Each application will however have identical 

fluctuation patterns that have been calculated for that section. 

Table 4-7 shows areas, solidity ratios and drag factors for the transverse and longitudinal faces 

of the tower for each of the nineteen sections. 
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Table 4-7: Drag factors for each model section 

 

 

4.4 Coordinates system 

Both PLS-Tower and SAP2000 use a global and local coordinates system for the application of 

algebraic equilibrium equations. Both programmes use the same principles for the local 

coordinates system. However, there is a difference in the axis assignments for the global 

coordinates between the two which shall be explained here. Figure 4.10 and Figure 4.11 show 

the global coordinates allocations for PLS-Tower and SAP2000 respectively. 

 
Figure 4.10: PLS-Tower global coordinates 

system 

 
Figure 4.11: SAP2000 global coordinates 

system 

In order to provide continuity in the explanation of the results, the global coordinate’s directions 

shall forthwith be described using vertical, longitudinal and transverse terminology as defined 

in Figure 4.12. 

Section 

Label 

Height at top 

of section

Tran Angle 

Face Area

Trans. Gross 

Area

Trans. 

Solidity Ratio 

Tran. Angle 

Drag Coef 

Long. Angle 

Face Area

Long. Gross 

Area 

Long. Solidity 

Ratio 

Long. Angle 

Drag Coef 
Total Weight

At1 χ1 Ct1 At2 χ1 Ct1

[-] [m] [m2] [m2] [-] [-] [m2] [m2] [-] [-] [kN]

Earth Wire 107.00 1.74 4.40 0.396 2.229 1.77 81.79 0.022 3.833 4.31

C1 101.70 2.72 5.89 0.461 2.063 8.66 33.15 0.261 2.679 35.71

T1A 100.00 2.96 8.34 0.355 2.350 3.51 56.39 0.062 3.606 13.98

T1B 95.61 6.43 20.74 0.310 2.499 7.29 53.05 0.137 3.218 32.80

T1C 88.00 1.10 6.78 0.162 3.103 1.10 6.78 0.162 3.103 5.48

T1D 86.00 1.85 11.19 0.165 3.087 1.85 11.19 0.165 3.087 9.55

T1E 83.00 1.90 12.43 0.153 3.144 1.90 12.43 0.153 3.144 9.80

T1F 80.00 2.66 20.97 0.127 3.270 2.66 20.97 0.127 3.270 13.79

T1G 75.50 2.73 23.75 0.115 3.329 2.73 23.75 0.115 3.329 14.14

T1H 71.00 4.00 36.45 0.110 3.355 4.00 36.44 0.110 3.355 20.60

T1I 65.00 5.55 57.05 0.097 3.420 5.54 56.96 0.097 3.419 27.76

M1 57.50 5.00 70.45 0.071 3.559 4.99 70.24 0.071 3.558 25.77

M2 50.00 8.48 140.57 0.060 3.616 8.47 140.02 0.060 3.615 46.19

M3A 38.00 2.91 26.76 0.109 3.362 2.90 26.64 0.109 3.361 15.55

M3B 36.00 7.96 148.10 0.054 3.652 7.95 147.39 0.054 3.651 44.92

M4A 26.00 3.26 32.48 0.100 3.403 3.25 32.31 0.101 3.402 18.17

M4B 24.00 8.22 176.67 0.047 3.692 8.20 175.73 0.047 3.691 46.31

M5A 14.00 4.71 77.33 0.061 3.613 4.70 76.91 0.061 3.612 25.87

M5B 10.00 6.52 210.00 0.031 3.779 6.52 208.80 0.031 3.778 37.14

Sum 447.83

Transverse Longitudinal
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Figure 4.12: Global coordinates system in this thesis. Longitudinal is parallel with the line 

direction of the OHTL. 
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5 Results 

 

5.1 Static load results 

Two models were created in PLS-TOWER and SAP2000 respectively. Member lengths, 

profiles and steel properties are modelled as previously described. Point loads for the 

conductors and the basic wind pressure at a height of 10 m are calculated following the process 

set out in chapter 3.4.2. The basic wind pressure is based on a basic wind velocity of 32 ms-1 

for the high wind load cases and 20 ms-1 for the standard wind and ice load cases. These are 

both considered to be conservative figures for the region of Northern Europe. As the purpose 

of this thesis is to compare foundation loads, the choice of basic wind speed is not critical here 

The applied conductor and earthwire point loads as well as the basic wind pressures for each 

load case are given in Appendix 1. 

 

5.1.1 PLS-Tower static loading 

The dead and wind loads are calculated internally by PLS-Tower, therefore only point loads to 

represent the conductors are entered manually. These loads take into account the dead weight 

of the cables, and based on the individual load case, the effect of high wind forces or standard 

wind plus ice. The ice is accounted for in terms of the additional weight as it accumulates on 

the conductor and consequently the additional area exposed to wind. 

 

Foundation reactions – PLS-Tower 

Table 5-1 through Table 5-10 show the results of the static loading analysis from PLS-Tower 

for the joint (foundation) reactions at the base of each tower leg, see Figure 4.7. For the two 

groups of load case, “Wind and Ice” and “High Wind”, a 0° wind angle corresponds to wind 

blowing exactly in the transverse direction and a 90° wind angle corresponds to wind blowing 

in exactly the longitudinal direction. 

Table 5-1: PLS-Tower foundation reactions – load case “Wind and Ice 0°” 

 

  

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -171 -195 1421 260

2 114 -138 -969 179

3 -114 -138 -969 179

4 171 -195 1421 260

Load Case 

Wind and ice 0
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Table 5-2: PLS-Tower foundation reactions – load case “Wind and Ice 20°” 

 

Table 5-3: PLS-Tower foundation reactions – load case “Wind and Ice 45°” 

 

Table 5-4: PLS-Tower foundation reactions – load case “Wind and Ice 60°” 

 

Table 5-5: PLS-Tower foundation reactions – load case “Wind and Ice 90°” 

 

Table 5-6: PLS-Tower foundation reactions – load case “High wind 0°” 

 

Table 5-7: PLS-Tower foundation reactions – load case “High wind 20°” 

 

 

 

 

 

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -198 -212 1534 290

2 72 -114 -725 134

3 -141 -156 -1082 210

4 129 -170 1177 214

Load Case 

Wind and ice 20

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -208 -203 1452 291

2 -24 -39 -94 46

3 -152 -147 -1000 211

4 33 -96 546 102

Load Case 

Wind and ice 45

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -179 -160 1173 240

2 -75 17 298 76

3 -122 -104 -721 161

4 -18 -40 154 44

Load Case 

Wind and ice 60

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -114 -81 671 140

2 -114 81 671 140

3 -58 -24 -219 62

4 -58 24 -219 62

Load Case 

Wind and ice 90

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -254 -327 2113 414

2 212 -288 -1791 358

3 -212 -288 -1791 358

4 254 -327 2113 414

High wind 0

Load Case 

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -337 -385 2534 512

2 119 -239 -1297 267

3 -296 -348 -2207 457

4 162 -279 1623 322

Load Case 

High wind 20
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Table 5-8: PLS-Tower foundation reactions – load case “High wind 45°” 

 

Table 5-9: PLS-Tower foundation reactions – load case “High wind 60°” 

 

Table 5-10: PLS-Tower foundation reactions – load case “High wind 90°” 

 

The results of the PLS-Tower static loading analysis shows that the greatest uplift force on a 

single foundation, that is where the leg member attached to the foundation is in tension, occurs 

in the “High wind 45°” load case on foundation number three with a force of -2419 kN.  

However, as previously explained in chapter 3.4.3, for simplification purposes of the time 

history dynamic loading, only load cases at 0° and 90° were considered. Therefore, load case 

“High wind 0°” is the critical load case with a maximum uplift force on the foundation of -1791 

kN and shall be the single load case calculated for in the following SAP2000 static and dynamic 

loading analysis. 

 

5.1.2 SAP2000 static loading 

The SAP2000 model is calibrated using manually calculated static wind loads determined using 

the same calculation process set out in chapter 3.4.2. Table 5-11 shows the wind loads for each 

tower section in Figure 4.9 for the “High wind 0°” load case. 

  

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -412 -406 2747 579

2 -74 -94 -107 120

3 -376 -371 -2419 528

4 -33 -135 432 139

Load Case 

High wind 45

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -371 -328 2311 495

2 -171 21 618 172

3 -335 -289 -1983 443

4 -131 -22 -293 133

Load Case 

High wind 60

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 -240 -156 1302 286

2 -239 156 1297 285

3 -201 -113 -976 231

4 -200 113 -970 230

High wind 90

Load Case 
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Table 5-11: Wind loads on tower sections for load case “High Wind 0°” 

 

 

Foundation reactions – SAP2000 static load 

Table 5-12 shows the joint reactions for the four foundations as modelled in SAP2000 under 

static loading conditions. 

Table 5-12: Foundation reactions from SAP2000 static loading (High wind 0°) 

 

For comparison purposes, the corresponding PLS-Tower results for the same as Table 5-12 

loading conditions are again shown below in Table 5-13.  

Table 5-13: PLS-Tower foundation reactions – load case “High wind 0°” 

 

It can be seen from comparison with the same load case obtained through PLS-Tower that there 

is a good correlation between the results both in terms of magnitude of the forces and their 

respective distribution on each axis. As this study is primarily concerned with the uplift force 

Height at top of 

Section

Turbulence 

Intensity

Mean Wind 

Velocity

Mean wind 

pressure
Peak pressure Trans. Wind Load 

[m] [-] [ms-1] [Pa] [Pa] [kN]

Earth Wire 107.00 0.11 50.18 1573.48 2764.94 14.79

C1 101.50 0.11 49.81 1550.62 2728.03 21.27

T1A 100.00 0.11 49.64 1540.38 2712.63 25.65

T1B 95.61 0.11 49.57 1535.54 2707.24 57.12

T1C 88.00 0.11 49.12 1507.87 2670.99 11.67

T1D 86.00 0.11 48.99 1500.25 2661.70 19.19

T1E 83.00 0.11 48.80 1488.51 2645.50 19.55

T1F 80.00 0.11 48.60 1476.39 2630.00 27.32

T1G 75.50 0.11 48.29 1457.43 2603.85 26.85

T1H 71.00 0.11 47.96 1437.44 2577.66 35.68

T1I 65.00 0.11 47.48 1408.96 2539.92 49.73

M1 57.50 0.12 46.82 1369.88 2483.31 46.60

M2 50.00 0.12 46.06 1326.01 2426.61 80.36

M3A 38.00 0.12 44.58 1241.93 2300.04 25.61

M3B 36.00 0.12 44.28 1225.69 2286.07 76.19

M4A 26.00 0.13 42.52 1130.21 2141.39 29.11

M4B 24.00 0.13 42.09 1107.32 2152.21 79.52

M5A 14.00 0.15 39.18 959.26 1952.01 44.60

M5B 10.00 0.15 37.36 872.22 1811.35 64.58

Sum 755.40

Section Label 

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 245 -325 2046 407

2 -208 -289 -1742 356

3 206 -287 -1727 353

4 -243 -324 2034 405

Load Case 

High wind 0

Joint No. Long. Force (kN) Tran. Force (kN) Vert. Force (kN) Shear Force (kN)

[-] [kN] [kN] [kN] [kN]

1 254 -327 2113 414

2 -212 -288 -1791 358

3 212 -288 -1791 358

4 -254 -327 2113 414

High wind 0

Load Case 
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in each foundation, by isolating the vertical tension force it can be noted that there is a maximum 

force of -1742 kN which equates to 97.4% of the maximum tensile force from the PLS-Tower 

model. There is also a slight imbalance in the distribution of the forces in each axis where, in 

comparison, full balance is achieved in the PLS-Tower model. Both of these discrepancies can 

be explained by the alterations that were made to the SAP2000 model to the member geometry 

that were performed in order to achieve stability of the model. Sections C1, T1A and T1B were 

simplified for SAP2000 in order to remove planar joints that were destabilising the model. This 

led to imperfect symmetry in section T1A and T1B as well as fewer members in the model, 

therefore less contribution from dead load.  

Neither of these factors are considered important for further analysis, as the final static and 

dynamic results shall only be compared using the results of SAP2000 modelling. 

 

Selected node displacements 

A further check on the maximum nodal displacements obtained in each model was also 

performed in order to further check the correlation of the two. Figure 5.1 shows nodes, A1, A2, 

B1 and B2 that experience maximum lateral displacement under the High wind 0° load case. 

 

Figure 5.1: Nodes at which maximum transverse displacement occurs (High wind 0°) 

Table 5-14 and Table 5-15 show these nodal displacements as modelled in PLS-Tower and 

SAP2000 respectively. 

Table 5-14: PLS-Tower key joint displacement static loading for load case High wind 0° 

 

 

 

Joint Label Long. Displ. Tran. Displ. Vert. Displ.

[-] [m] [m] [m]

A1 -0.001 1.446 0.224

A2 0.000 1.440 -0.279

B1 0.000 1.182 0.387

B2 0.000 1.166 -0.441
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Table 5-15: SAP2000 key joint displacements static loading for load case High wind 0° 

 

Again, there is a small difference in the maximum displacement, with SAP2000 providing 

smaller values. The maximum displacement in SAP2000 model represents 96.5% of the 

maximum displacement of the PLS-Tower model which is explained by similar reasoning as 

the foundation reaction forces. 

 

Deformed shape 

The deformed shape of the statically loaded model as calculated in SAP2000 is displayed in 

Figure 5.2 to Figure 5.4. It can be seen that the model behaves as expected given that it is 

subjected to a transverse wind load with displacement in that direction and minimal movement 

in the longitudinal direction. 

 
Figure 5.2: Deformed shape 

– Longitudinal view 

 
Figure 5.3: Deformed shape 

– Transverse view 

 
Figure 5.4: Deformed shape 

– 3D view 

It can be concluded from this comparison that for the purposes of this study, which is limited 

to examining the effect of the foundation reactions, the SAP2000 model is accurately 

collaborated for the High wind 0° load case under static loading and can be used for the dynamic 

analysis. 

 

Joint Label Long. Displ. Tran. Displ. Vert. Displ.

[-] [m] [m] [m]

A1 -0.005 1.393 0.229

A2 -0.010 1.396 -0.246

B1 -0.020 1.129 0.376

B2 -0.016 1.128 -0.405
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5.2 Natural frequency analysis 

5.2.1 Modal shapes 

The modal analysis of the model is performed using the eigenvector method. When performing 

modal analysis, it is important to ensure that the results are inclusive of an adequate level of 

structure mass. This is typically done by including enough modes in the analysis to capture 90% 

of mass participation in each of three displacement directions. The mass participation ratio 

indicates the percentage of how much of the structural mass of the model is participating for a 

given direction and mode. As shown in Table 5-16 this level is achieved at the 151st mode. 

Table 5-16: Modal mass participation ratios 

 

Table 5-17 shows the modal periods and frequencies of the modes listed in Table 5-16. 

Table 5-17: Modal periods and natural frequencies of the tower 

 

As would be expected, for any given mode where the shape is in the transverse, longitudinal or 

vertical directions, that mode is contributed to mainly by the displacement in the respective 

Mode No.

[-] UX UY UZ SumUX SumUY SumUZ

1 0.164 0.218 0.000 0.164 0.218 0.000

2 0.219 0.169 0.000 0.383 0.387 0.000

3 0.000 0.000 0.000 0.383 0.387 0.000

4 0.488 0.028 0.000 0.870 0.415 0.000

5 0.027 0.488 0.000 0.897 0.903 0.000

6 0.000 0.000 0.001 0.898 0.903 0.001

7 0.000 0.000 0.001 0.898 0.903 0.002

8 0.000 0.000 0.000 0.898 0.903 0.002

9 0.003 0.003 0.000 0.900 0.906 0.002

10 0.034 0.001 0.000 0.934 0.907 0.002

11 0.002 0.032 0.000 0.936 0.939 0.002

23 0.000 0.000 0.541 0.977 0.984 0.571

151 0.000 0.000 0.001 0.997 0.997 0.900

Participating mass ratio [%]

Mode No. Period Frequency Shape

[-] [s] [Hz] [-]

1 0.753 1.329 Transverse

2 0.743 1.347 Longitudinal

3 0.437 2.289 Torsion

4 0.368 2.720 Transverse

5 0.363 2.754 Longitudinal

6 0.313 3.198 Torsion

7 0.280 3.568 Transverse

8 0.264 3.792 Longitudinal

9 0.232 4.313 Transverse

10 0.220 4.552 Torsion

11 0.210 4.766 Longitudinal

23 0.116 8.641 Torsion

151 0.027 36.411 Torsion
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direction. For torsional shapes, mass participation is virtually zero across all directions. The 

structural response is mainly determined by the first four longitudinal and transverse modes. 

Transverse modes are isolated for interest here as this is the direction to which the dynamic 

wind load will ultimately be applied. The five modes with mass participation of greater than 

1% in the transverse direction are shown in Figure 5.5 to Figure 5.9. Note that the figures are 

displayed in their simplest “wire frame” form for clarity purposes due to the height of the 

structure. Also, the figures the have been scaled up by the same factor in order to better display 

the modal shapes. 

 
Figure 5.5: Mode 1 – frequency 

= 1.329 Hz  

 
Figure 5.6: Mode 4 – frequency 

= 2.270 Hz 

 
Figure 5.7: Mode 7 – frequency 

= 3.568Hz 
 

  

 
Figure 5.8: Mode 9 – frequency 

=  4.313 Hz 

 
Figure 5.9: Mode 13 – frequency 

=  5.713 Hz 
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5.2.2 Kaimal power spectrum 

The Kaimal spectrum for three heights was calculated according to a slightly modified version 

of equation (3.80) where instead of using the shear velocity, 𝑢∗, one must enter the standard 

deviation, 𝜎𝑢, and the turbulent length scale the fluctuating wind and multiplied by the 

frequency. The standard deviation can be computed from equations 3.60 and 3.64 which show 

that it is constant for all heights based on the Eurocode formulation. It is given as 𝜎𝑢 = 𝑉0 ∙

𝑘𝑟 = 32×0.17 = 5.4 𝑚 𝑠⁄ . The length scale is a measure of the average size of a gust in 

appropriate directions and is important scaling factor in determining how rapidly gust properties 

vary in space. Several factors affect the length scale such as terrain roughness, reference 

velocity and height. In this study it was fixed to a value of 225 m. Figure 5.10 shows the Kaimal 

spectrum at heights of ℎ = 10 𝑚, ℎ = 50 𝑚 and ℎ = 107 𝑚. The first three natural 

frequencies, 1, 2, 3, according to Table 5-17 which represent the three different basic modal 

shapes possible for the structure (longitudinal, transverse and torsional) are shown for each 

height. 

 

Figure 5.10: Power spectrum at 10 m, 50 m and 107 m. Natural frequencies for mode 1 (blue 

line), mode 2 (green line) and mode 3 (red line) are also shown 

The peak of the spectrum defines at which frequencies the turbulent wind component will have 

maximum variation, thereby imparting the greatest pulse magnitude on the structure. In this 

study the first three natural frequencies of the tower, and therefore all remaining natural 

frequencies, fall well after the peak of the spectrums at any height along the tower. This 

indicates that the frequency at which the maximum variations in the wind turbulence occur will 

not coincide with any natural frequency of the structure. There is however some power left in 

spectrum at all three compared heights for the first three natural frequencies of the tower 

indicating that the tower will be excited by the fluctuating wind, particularly in the transverse 

and longitudinal shape directions. When designing for the effects of dynamic wind, and 

discounting all other dynamic actions on the tower (e.g. earthquake loads), it is probably not 

necessary to provide additional damping measures to prevent excessive excitation of the natural 
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frequencies beyond the assumed 2% damping inherent in the tower for a lattice tower of this 

type. 

5.3 Wind time history 

The equations in chapter 3.4.4 are used to create a wind time series for each of the tower sections 

shown in Figure 4.9 and then applied to the tower model across the uppermost nodes of the 

corresponding points. As the height increases, the mean wind velocity component will increase 

and the fluctuations in the turbulent wind component decrease as the wind flow becomes more 

laminar the further away from the ground surface it is, see Figure 3.8. 

 

5.3.1 Coherence 

Davenport coherence 

A coherence curve can be used to relate the time series at two independent heights for the same 

moment in time in order to demonstrate the simultaneous nature of the applied wind gust to the 

tower model. 

The theoretical Davenport coherence function given by equation (3.82) is calculated for 

separation heights, ∆ℎ, of the turbulent wind profile at 51 m, 20 m and 5 m and shown in Figure 

5.11. 

 

Figure 5.11: Davenport coherence function with 51 m separation (10 m to 61 m height), 20 m 

separation (10 m to 30 m height) and 5 m separation (10 m to 15 m height) 
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Figure 5.11 shows that there is an increasing coherence between the observed height 

differences, Δℎ, as the separation between those heights decreases. For all height differences, 

Δℎ, there is a decrease in the coherence as the frequency of the wind gets larger. Intuitively this 

makes sense as it would be expected that wind profiles with little height spacing exhibit similar 

fluctuating flow patterns compared to those with a greater separation.  

The vertical coherence of the simulated wind speed field shall be given later in this chapter. 

 

Wind time series coherence 

Following on from the theoretical Davenport coherence functions shown previously in this 

chapter, Figure 5.12 to Figure 5.14 show the coherence of the vertical separations between one 

set of two points near the bottom of the tower and one set of two points near the top with equal 

separation between each of the two sets. Similarly to the plots of Figure 5.11, as the figures 

progress, the size of the separation of two points increases to show the effect on the coherence 

over larger distances vertically along the tower.  The separations shown are: 5 m for Figure 

5.12; circa 20 m for Figure 5.13; 50 m for Figure 5.14. 

 
Figure 5.12: Vertical separation coherence between 10 m – 15 m and 107 m – 102 m 

separation 
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Figure 5.13: Vertical separation coherence between 10 m – 30 m and 107 m – 87 m 

separation 

 
Figure 5.14: Vertical separation coherence between 10 m – 61 m and 107 m – 56 m 

separation 

Figure 5.12 to Figure 5.14 show higher coherence of the calculated wind time series profiles 

with smaller height separation, ∆ℎ, which is consistent with the prediction of the Davenport 

function. It can also be seen that the coherence of the separation levels at lower heights, that is 

the red points on the plots, is less generally less than the coherence at the upper height for the 

same separation. This is due to the increased intensity of the Kaimal spectrum at lower heights 
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for lower frequencies as demonstrated in Figure 5.10, that is the air flow turbulence is greater 

at lower heights. 

5.3.2 Wind time series 

The time series in this study is set to cover a period of 5400 seconds, or 1.5 hours, which is a 

period long enough to capture the length of a storm. Figure 5.15 through Figure 5.19 show the 

generated time series for selected model sections as per Figure 4.9 as well  

 

Figure 5.15: Time series for tower section M5B at 10.0 m height 

 

Figure 5.16: Time series for tower section M3A at 38.0 m height 

 

Figure 5.17: Time series for tower section M1 at 57.5 m height 

 

Figure 5.18: Time series for tower section T1C at 88.0 m height 

 

Figure 5.19: Time series for tower section C1 at 101.5 m height
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The mean wind speed values computed from the simulated time histories can be compared to 

mean wind velocities in Table 5-11 used in the static analysis. A comparison of these values is 

shown in Figure 5.18. It can be seen from the simulated time histories over the first 300 seconds 

that there is good correlation of the plots between the different heights. Across all five heights 

there is a dip in the time history at approximately 25 seconds, a peak at approximately 95 

seconds, another peak at approximately 220 seconds and then another dip at approximately 250 

seconds. Further, there is evidence that the coherence decreases with increasing height which 

corresponds with the patterns shown in Figure 5.12 to Figure 5.14. 

Figure 5.20 to Figure 5.24 shows the time history for the same tower sections as Figure 5.15 to 

Figure 5.19 but for the first 300 seconds of the storm only.  

 

Figure 5.20: First 300 seconds of the time series for tower section M5B at 10.0 m height 

 

Figure 5.21: First 300 seconds of the time series for tower section M3A at 38.0 m height 

 

Figure 5.22: First 300 seconds of the time series for tower section M1 at 57.5 m height 

 

Figure 5.23: First 300 seconds of the time series for tower section T1C at 88.0 m height 

 

Figure 5.24: First 300 seconds of the time series for tower section C1 at 101.5 m height 
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It can be seen from the simulated time histories over the first 300 seconds that there is good 

correlation of the plots between the different heights. Across all five heights there is a dip in 

the time history at approximately 25 seconds, a peak at approximately 95 seconds, another peak 

at approximately 220 seconds and then another dip at approximately 250 seconds. Further, there 

is evidence that the coherence decreases with increasing height which corresponds with the 

patterns shown in Figure 5.12 to Figure 5.14. 

Table 5-18: Comparison between mean wind speeds of static wind loads and simulated time 

series 

Section 
Label 

Mean Wind Velocity 

Static loads 
Simulated time 

series 

[ms-1] [ms-1] 

Earth Wire 50.18 52.91 
C1 49.81 52.51 
T1A 49.64 52.09 
T1B 49.57 51.64 
T1C 49.12 51.17 
T1D 48.99 50.68 
T1E 48.80 50.16 
T1F 48.60 49.60 
T1G 48.29 49.00 
T1H 47.96 48.37 
T1I 47.48 47.68 
M1 46.82 46.93 
M2 46.06 46.10 
M3A 44.58 45.18 
M3B 44.28 44.14 
M4A 42.52 42.95 
M4B 42.09 41.52 
M5A 39.18 39.74 
M5B 37.36 37.35 

In the time history analysis the maximum response is found during the simulated 1.5 hour storm 

but no effort is made to study the distribution of the computed maxima. 

5.4 Dynamic loading results 

The loads as a function of their respective times series determined as previously explained are 

applied to the corresponding uppermost nodal point in each tower section for the load case 

“High wind 0°”. The time series is only applied to the structural steel components of the tower, 

with wind effects on the conductors taken into account in the same manner as the statically 

loaded model, that is a pre-calculated point loads at attachment points. As with any dynamically 

loaded model, the output results have maximum and minimum values due to the fluctuating 

nature of the loads. 
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5.4.1 Foundation reactions – SAP2000 dynamic loading 

Table 5-19 shows the results of the dynamically loaded model from SAP2000 with extremes 

values for the maximum and minimum force in each direction acting on the foundations. 

Table 5-19: Foundation reactions from SAP2000 dynamic loading (High wind 0°) 

Load Case  

Foundation 
No. 

Max./Min. Long. Force Tran. Force Vert. Force Shear Force 

[-] [-] [kN] [kN] [kN] [kN] 

High wind 
0 

1 Max. 221 -139 1842 261 

  Min. 150 -342 1303 373 

2 Max. -110 -98 -926 147 

  Min. -190 -330 -1608 381 

3 Max. 191 -98 -1076 215 

  Min. 110 -330 -1611 348 

4 Max. -150 -139 1837 205 

  Min. -221 -343 1298 408 

It is immediately apparent that the maximum foundation reactions are lower in the dynamically 

loaded model compared to static loading. Again, isolating the legs in tension, the maximum 

uplift force is -1611 kN in foundation number 2, which represents 89.9% of the equivalent 

foundation load modelled under static analysis using the SAP2000 model.  

Figure 5.25 shows the time series for the most heavily utilised base joint (foundation 3) under 

uplift conditions, with the peak value occurring at approximately 4350 seconds corresponding 

to that in Table 5-19. For comparison purposes foundation number 4, the most heavily loaded 

foundation in compression, is shown in Figure 5.26. The peak value occurs at the same time as 

for foundation 2. The random nature of the generated time series is clear, with necessity to 

perform analysis over a significant time period obvious from the peak value occuring over an 

hour from the start. 
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Figure 5.25: Time history for vertical reaction of foundation number 2 

 

Figure 5.26: Time history for vertical reaction of foundation number 4 

The wind and dead load components from the static and dynamic models are isolated for further 

comparison, therefore eliminating the statically calculated conductor loads from the dynamic 

model and providing a direct comparison of the effects of the statically and dynamically 

calculated loads. 
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Table 5-20: Comparison of dynamic and static models with no conductor load contribution 

Load Case  

Foundation 
No. 

Model loading 
type 

Vert. Force  

[-] [-] [kN] 

High wind 
0 

1 Static 954 

  Dynamic max. 803 

2 Static -745 

  Dynamic min. -606 

3 Static -741 

  Dynamic min. -606 

4 Static 949 

  Dynamic max. 806 

For foundation number 3 the maximum load from the dynamic force is 81.7% of the static force 

when conductor loads are removed. This suggests that if the conductors were modelled with 

dynamic loads, then the foundations reactions may be less than the totals displayed in Table 

5-19. 

For comparison of the nodes experiencing maximum displacements, Table 5-21 shows the 

results for the uppermost nodes on the tower including the conductor loads. 

Table 5-21: SAP2000 key joint displacements dynamic loading for load case High wind 0° 

Joint 
Label 

Max./Min. 
Long. 
Displ. 

Tran. 
Displ. 

Vert. 
Displ. 

[-] [-] [m] [m] [m] 

A1 
Max. 0.018 1.411 0.251 

Min. 0.005 1.076 0.186 

A2 
Max. 0.015 1.413 -0.203 

Min. 0.002 1.078 -0.267 

B1 
Max. 0.032 1.133 0.413 

Min. 0.021 0.863 0.306 

B2 
Max. 0.026 1.132 -0.335 

Min. 0.016 0.862 -0.442 

There is relatively little difference in the maximum displacement values at these points between 

the two models. The dynamically loaded model has maximum values that are equal to 97.7% 

of the statically loaded model. 

 

5.5 Allowable uplift 

Based on the results of the static and dynamic loading, a basic pad and chimney foundation can 

be designed for each case. Taking the allowable uplift displacement as 25 mm (see Chapter 

2.6), and following the calculation procedure in Chapter 3.1.2, Table 5-22 shows the results of 

an iterative process to find the design dimensions of the pad and chimney where the allowable 
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uplift displacement, 𝑄𝑢𝑎𝑛, is the governing design condition. The design parameters are taken 

as: the average vertical effective stress 𝜎𝑣𝑚 = 27 𝑘𝑁/𝑚2, and the effective stress friction angle 

�̅� = 32° for poorly graded gravel (Geotechdata.info, 2017).

Table 5-22: Pad and chimney foundation design dimensions for static and dynamic loading results 

Loading 
type D1 D2 D3 L B Quan 

Max uplift 
force 

Capacity 
ratio 

Volume of 
concrete 

[-] [m] [m] [m] [m] [m] [kN] [kN] [-] [m3] 

Static  3 1.5 1.5 3 3 1760 1742 0.990 20.25 

Dynamic 2.95 1.5 1.5 2.9 2.9 1631 1611 0.988 18.92 

The foundation design for the dynamically loaded model represents a 6.5% reduction in the 

quantity of concrete required for the most heavily loaded foundation in uplift. 
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6 Conclusions 

The difference between modelling the forces on foundations of a transmission tower using 

industry standard static point loads and more advanced dynamic loading techniques appears to 

be relatively significant. A reduction of 10% in the uplift force was obtained if the load from 

the conductors were treated as a static load. This static load from the conductors also contributes 

to approximately half of the total uplift force. If however, the static load from them was 

removed from the dynamic model and the static and dynamic response of the tower alone are 

compared then the dynamic response is almost 18% lower than the static response. This 

indicates that it is important to model the conductors dynamically although this was not within 

the scope of this thesis. Maximum compression forces are also reduced by a similar amount, 

although this is generally a less critical design factor. 

It should be noted though that this reduction only applies to axial forces acting on the 

foundations. Maximum nodal displacements remained almost identical in both models with 

static conductor loads included, therefore the stiffness of the tower would need to be 

maintained. The designer may have additional options to achieve this though, as member forces 

are lower, such as through the use of different bracing methods with relatively small members, 

possibly reducing the overall steel contribution. 

It was also shown that dynamic loading is a highly random process. The peak foundation 

reactions occurred once for a short period of time over a ninety minute period. This is important 

because it shows the maximum force is not applied for a sustained period of time, allowing the 

designer to have confidence that under the specified loading conditions the design will be 

conservative for most conditions. It would also be preferable to run a set of equal time length 

simulated time series to obtain some statistic relating to the peak response of the dynamic 

model. 

Given the complexity, time and cost of designing tall towers such as the one examined in this 

thesis, it would make sense for relatively small additional resource to be allocated to dynamic 

load analysis during the design stage, thereby greatly reducing material and labour costs during 

construction. 

With the development of guidelines and software updates to existing industry specific 

programmes such as PLS-Tower and PLS-CADD, it should be possible for designers to carry 

out detailed FEM analysis of dynamically loaded OHTL´s just as quickly and efficiently as is 

done with current design practice. There is also no reason to suggest that the effect of dynamic 

loading will be any less for smaller towers which are actually exposed to a greater proportion 

of turbulent airflow in relation to the total wind load, although this would require significant 

effort in standard/software modification. 

It would be interesting to take this work further, particularly to apply the dynamic loading 

principle over a whole OHTL moving through various terrains for the wind effect. Of course 

wind is not the only possible example of dynamic load types: earthquake time histories could 

provide savings in regions such as Iceland where foundation failure has occurred through 

seismic activity. Other common load cases in transmission line designs are conductor line 

breaks which produce residual force on attachment points.  
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The theory for calculating the uplift displacement from the force was presented here and albeit 

a little crude, provides a good starting point for an initial acceptance criterion for the designer. 

Further to this, a probability of failure analysis could be carried out using well known theories 

that would provide additional acceptance criterion to the design of the foundations. 

Moving on from foundations and in more general terms, it is always of benefit to a design 

engineer to a have as full an understanding as possible of the structure being designed. Even if 

there were no difference between the static loading design and a dynamic one, the behaviour of 

the tower/line under extreme loading conditions is useful for providing confidence that a full 

set of design parameters have been satisfied. 
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Appendix A Conductor point loads 

for High Wind load cases 

Load Case High Wind 0° 

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 8.75 8.75 59.26 59.26 59.26 

Transverse 25.25 25.25 141.42 141.42 141.42 

Longitudinal 0 0 0 0 0 

 

Load Case High Wind 20°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 8.75 8.75 59.26 59.26 59.26 

Transverse 22.30 22.30 124.88 124.88 124.88 

Longitudinal 0 0 0 0 0 

 

Load Case High Wind 45°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 8.75 8.75 59.26 59.26 59.26 

Transverse 12.64 12.64 70.76 70.76 70.76 

Longitudinal 0 0 0 0 0 

 

Load Case High Wind 60°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 8.75 8.75 59.26 59.26 59.26 

Transverse 6.32 6.32 35.38 35.38 35.38 

Longitudinal 0 0 0 0 0 

 

Load Case High Wind 90°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 8.75 8.75 59.26 59.26 59.26 

Transverse 0.00 0.00 0.00 0.00 0.00 

Longitudinal 0 0 0 0 0 
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Conductor point loads for Standard Wind and Ice load cases 

Load Case Standard Wind + Ice 0°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 24.81 24.81 135.51 135.51 135.51 

Transverse 26.37 26.37 106.05 106.05 106.05 

Longitudinal 0 0 0 0 0 

 

Load Case Standard Wind + Ice 20°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 24.81 24.81 135.51 135.51 135.51 

Transverse 23.29 23.29 93.65 93.65 93.65 

Longitudinal 0 0 0 0 0 

 

Load Case Standard Wind + Ice 45°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 24.81 24.81 135.51 135.51 135.51 

Transverse 13.20 13.20 53.07 53.07 53.07 

Longitudinal 0 0 0 0 0 

 

Load Case Standard Wind + Ice 60°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 24.81 24.81 135.51 135.51 135.51 

Transverse 6.60 6.60 26.53 26.53 26.53 

Longitudinal 0 0 0 0 0 

 

Load Case Standard Wind + Ice 90°       

Load 
Direction 

Earthwires Conductors 

E1 E2 C1 C2 C3 

[kN] [kN] [kN] [kN] [kN] 

Vertical 24.81 24.81 135.51 135.51 135.51 

Transverse 0.00 0.00 0.00 0.00 0.00 

Longitudinal 0 0 0 0 0 
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Basic wind pressures for static analysis 

Basic Wind pressure (qh(0)) 

Angle to transverse face 

Loading face 

Long. Trans. 

[Pa] [Pa] 

Standard Wind 0° 0.00 439.72 

Standard Wind 20° 150.39 413.20 

Standard Wind 45° 310.93 310.93 

Standard Wind 60° 380.81 219.86 

Standard Wind 90° 439.72 0.00 

High Wind 0° 0.00 1125.85 

High Wind 20° 385.06 1057.96 

High Wind 45° 796.10 796.10 

High Wind 60° 975.02 562.93 

High Wind 90° 1125.85 0.00 
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